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ABSTRACT 

 During the past decades, demand for Liquefied Natural Gas (LNG) tanks has 

increased. Indeed, the LNG is cleaner and cheaper fuel for power generation compared to 

oil and coal. The LNG industry is growing rapidly, and many LNG tanks are constructed 

in seismically active coastal regions; hence, potential damage or leakage due to cracking 

triggered by an earthquake can result in destructive environmental and safety issues. 

These LNG tanks are usually built near the seashore to reduce the cost and increase the 

flexibility of LNG transportation and storage. Often the foundation soil in coastal regions 

is not capable of bearing the load of such heavy structures. Thus usually, deep foundations 

are used to support these tanks. Indeed, pile foundations are commonly used for these 

large tanks to transfer the load to competent ground layers and control the settlement. 

Generally, assessing the seismic resilience of these critical infrastructures is essential to 

ensure the availability and security of services during and after large earthquakes. 

Considering the complexity of the seismic analysis and design of such structures due to 

the Fluid-Structure Interaction (FSI) and Soil–Foundation-Structure Interaction (SFSI) 

effects, advanced modelling and analysis are required.  

 This thesis conducts the three-dimensional fully nonlinear coupled SFSI and FSI 

numerical simulations for LNG tanks using the direct method. The nonlinear time history 

analysis and free vibration analysis are conducted to assess the seismic safety and 

dynamic characteristics of LNG tanks under different pile foundation types and 

liquefiable soil deposits. The fluid-structure interaction effects are captured using a 

mechanical model, which captures both convective and impulsive hydrodynamic 

components. Nonlinear kinematic hardening soil model adopted in this study is also 
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verified and implemented to capture the hysteretic damping of the soil and the variation 

of the shear modulus with the cyclic shear strain developed in the soil. Infinite boundary 

elements are assigned to the numerical model, and proper interface elements, capable of 

modelling sliding and separation between the foundation and soil elements, are 

considered. This thesis conducts the numerical analyses with the help of the High-

Performance Computer (HPC) at the University of Technology Sydney (UTS), taking a 

few weeks to a month for a single analysis to run due to the complexity of the system. 

 To assess the effect of different pile foundation options on the seismic response of 

LNG tanks, different pile foundation types, including an end-bearing pile foundation and 

a pile-raft foundation with two different frictional pile lengths, are investigated. The 

results show the importance of the SFSI effect in evaluating the seismic response of LNG 

tanks built on pile foundations. Furthermore, the significant effect of the deep foundation 

system choice on the dynamic response of the LNG tanks is highlighted. Indeed, the 

seismic analysis and the design of LNG tanks in practice need to carefully consider the 

SFSI effects implementing direct method of analysis to ensure both kinematic and inertial 

interactions are captured accurately when analysis LNG tanks on pile foundations. 

Moreover, the numerical results show that presence of liquified soil layer alter the 

dynamic properties of LNG tank by lengthen the natural period and increase the damping 

of the LNG tank, soil, and foundation system. In addition, the presence of liquified soil 

layer significantly reduces the impulsive forces applied on LNG tank wall, while no 

significant change is observed for the convective forces. Hence, presence of the liquefied 

soil layer can absorb the seismic energy and reduce the seismic forces transferred to the 

superstructure. The predictions show that with increasing the thickness of the liquefied 

soil layer, the kinematic interaction increases, directing more seismic forces to the piles 

supporting the LNG tank, which can potentially result in yielding and failure of the piles. 
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CHAPTER 1  INTRODUCTION 

1.1 General 

Liquified natural gas (LNG) storage tanks are an essential part of every LNG 

terminal, as the worldwide demand for this energy source has grown considerably over 

the past few years. The size of these reservoirs has increased accordingly to improve the 

efficiency of global trade (e.g. import and export processes). In contrast to coal and oil, 

the production and use of this clean energy source has increased as a source of energy for 

domestic usages like electricity, heating, and cooling. Similarly, in the industrial sector, 

this energy source is used as a fuel for factories and vehicles, with trade-offs considered 

in terms of costs and sustainability. 

The LNG terminals are often located in coastal areas, where the large and extra-

large LNG tanks are positioned on unfavourable soil conditions. Hence, a rigorous 

foundation system is required for these heavy structures due to the low bearing capacity 

of the supporting soil. Deep foundations (i.e. pile foundations) and ground improvement 

are the most popular options to support these tanks. Moreover, the risk of natural hazards 

like earthquakes, flooding, and tsunamis leading to lateral loads necessitates special 

design considerations to address the lateral loading requirements for these structures. It is 

also essential to consider the low bearing capacity of the soil that is responsible for 

reducing the lateral capacity of the piles. Consequently, these factors should be 

considered in the lateral loading requirements that govern LNG tank design (Kausel et al. 

1978; Sakr and Vinson 1979; Willford et al. 2010; Chang et al. 2012). Massive LNG 

tanks are commonly supported by large pile groups ranging in the hundreds to thousands 
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to fulfil the bearing capacity requirements and to control displacement and settlement 

(Jones 2021). In typical/traditional practice, the LNG tank and the supported foundation 

design and analysis are done independently in two phases: the basic design phase, in 

which the tank size, mass and foundation capability (to meet seismic load requirements) 

are evaluated, and the detailed design phase, in which the design of structural parts is 

performed in detail (Sato et al. 2020). For the basic design phase, the superstructure and 

the foundation are usually designed based on traditional structural engineering 

assumptions for rigid foundations, and geotechnical engineers use a superstructure load 

to design the foundation system. The use of this approach for the seismic analysis and 

design of LNG tanks is inefficient since it ignores the effect of Soil–Foundation–Structure 

Interaction (SFSI). This effect is related to a procedure in which the soil response is 

impacted by the effect of the structure’s motion and vice versa (Rodriguez and Montes 

2000; Wolf and Song 2002; Dutta and Talukdar 2004; Wang et al. 2013). For LNG tank 

design, often free-field site response analysis is used to find the response spectrum at the 

ground surface for the seismic analysis results while disregarding SFSI effects 

(McCullough et al. 2009). This approach can be considered in areas with low seismicity 

and stiff ground conditions (e.g. LNG tanks founded on rock). However, the most 

common locations for LNG tanks are soft soils in coastal regions, and SFSI therefore 

significantly affects the seismic response of LNG tanks significantly, particularly in areas 

with moderate to high seismicity (Veletsos and Tang 1990; Kim et al. 2002; Hokmabadi 

et al. 2019).  

The analysis and design of LNG tanks under seismic loading using an approach 

that considers the foundation, superstructure and simplified soil dynamic response on the 

pile foundation separately and independently often results in structural and geotechnical 

engineers commonly making crude assumptions (Lin et al. 2010; Lin et al. 2012). Indeed, 
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the current common design practices consider the seismic response of LNG tanks 

inefficiently, particularly in terms of its overall design and the support foundation system.  

In addition, the LNG tank is considered a complex structure. Each tank seismic 

response can vary based on various factors such as the tank material, the foundation 

system (i.e. pile group geometry, number, and length), and soil conditions. Many previous 

studies have investigated the seismic response of structures such as buildings, bridges, 

and tunnels, by including SFSI effects. These studies have proved that SFSI has a 

significant impact on the design and analysis of these structures influencing their safety 

and reliability. At the same time, previous research outcomes have verified that SFSI can 

significantly alter the seismic response for different structures (Mizuno et al. 1996; Chen 

et al. 2010; Zhang et al. 2011). For instance, SFSI effects contribute to an increase in 

foundation rocking, which increases the lateral deflection of the building, mainly in mid- 

to high-rise buildings, compared with the assumption of a rigid foundation and ignoring 

SFSI (Mendoza and Auvinet 1988; Tokimatsu et al. 1996; Gazetas and Apostolou 2004).   

The dynamic properties of the structure alter when SFSI effects are included, as this can 

elongate the fundamental period of vibration and the energy damping rate (Esteva 1987; 

Anastasopoulos et al. 2007; Chen et al. 2010). Meanwhile, the research on the seismic 

behaviour of LNG tanks, including SFSI, is limited, due to the complexity of LNG tanks 

and the nature of seismic loading in such structures, as the liquid inside the tank generates 

hydrodynamic forces, which impact the tank wall and its base. These loads transfer to the 

foundation and the supporting soil, and considering these effects is more significant for 

LNG tanks than for other structures, such as typical buildings. Therefore, the nonlinearity 

of the material and the structure play a significant role in the overall response of the LNG 

tank. Including the potential yielding of the soil or the structural materials can also 

threaten the LNG tank's functionality and safety. Indeed, the failure of these tanks during 
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seismic events would lead to severe safety concerns and significant environmental and 

economic consequences. Thus, including the SFSI effects on these structures is essential 

in order to assess the ground response, design the superstructure and foundation systems 

accurately and safely and optimise the design (Zhang et al. 2011; Yan et al. 2019).  

1.2 Objectives and scope of this study 

The key aim of this study is to assess the SFSI effects on the LNG tank 

superstructure, foundation, and soil seismic response, incorporating appropriate material 

models for the superstructure foundation and soil, to capture the nonlinear response and 

the potential yielding under seismic loads, using integral approach modelling. The 

specific objectives of this research are: 

1. To identify the research gap in the seismic analysis of LNG tanks, including SFSI

effects, based on a review of previous research, and to propose an appropriate

methodology to investigate the identified research gap.

2. To develop an appropriate three-dimensional numerical model capable of

capturing the material and geometric nonlinearities using integral approach

modelling and the direct method of analysis.

3. To evaluate and assess the capability of the kinematic hardening model to capture

the seismic wave propagation in the soil medium and incorporate it into the

seismic analysis of the LNG tank.

4. To study the impacts of pile foundation arrangement on the seismic response of

LNG tanks considering SFSI effects.

5. To assess the seismic resilience of extra-large LNG tanks built on a liquefiable

soil deposit, capturing soil–foundation–structure interaction.
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6. To understand and investigate the influence of contemporary problems such as 

the tank aspect ratio and the tank wall connection condition on the seismic 

response of LNG tanks.  

1.3 Thesis organisation  

 This thesis has been organised into seven chapters. The introduction, objectives 

and scope of the study are presented in the current chapter. The overview of the other six 

chapters is as follows:  

Chapter 2 provides an overview of the LNG tank types and the current practice for 

seismic design and performance assessment of these tanks. Furthermore, the factors that 

affect the seismic performance of liquid storage tanks (including LNG tanks), like soil–

foundation–structure interaction (SFSI) and fluid–structure interaction (FSI), are 

explained. Finally, the existing research studies related to seismic performance of LNG 

storage tanks and the need for further research are highlighted. 

Chapter 3 presents a numerical investigation assessing the impacts of foundation type 

on the seismic behaviour of large LNG tanks, considering SFSI effects. This chapter 

assesses LNG tank seismic responses for different foundation types, namely an end-

bearing pile foundation and a pile–raft foundation with two different frictional pile 

lengths. This chapter highlights the significance of SFSI effects on LNG tank seismic 

response using the direct method of analysis simulating the entire system in one step. 

Chapter 4 presents an assessment and implementation of the advanced nonlinear 

kinematic hardening model to denote soil dynamic/seismic behaviour, utilising stiffness 

degradation and hysteresis damping with cyclic shear strain. In this chapter, the capability 

of the nonlinear kinematic hardening model programmed in ABAQUS to capture the 

seismic wave propagation through the soil medium is assessed for different soil site 
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classes. The results are verified with the well-known stiffness degradation and hysteresis 

damping soil model in FLAC 3D. 

Chapter 5 presents an assessment of the seismic resilience of extra-large LNG tanks 

built on liquefied soil deposits in which the analysis includes SFSI effects. This chapter 

highlights the vulnerability of LNG tanks to intense earthquake loads in areas with weak, 

loose sandy soil found in coastal areas. Indeed, LNG tanks are commonly located in 

coastal regions with sand deposits and liquefaction is a real concern under earthquakes.   

Chapter 6 highlights the effects of several contemporary structural issues impacting 

the overall LNG tank seismic response. This chapter presents the effects of the aspect 

ratio (H/D) of inner steel LNG tanks on the seismic safety of these tanks under strong 

earthquake shaking, while mechanical model to represent the fluid–structure interaction 

effects is implemented. In addition, the results of numerical investigations on the impacts 

of wall support conditions for the outer concrete containment namely hinge and fixed on 

the seismic response of LNG tanks are presented.  

Chapter 7 presents the conclusions of the current research and recommendations for 

future research. 
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CHAPTER 2 LITERATURE REVIEW 

2.1 General 

Liquid storage tanks are vital structures for supplying water and storing chemical 

products like refined petroleum and liquified natural gas (LNG). Water storage tanks are 

considered an essential link for domestic daily use. These tanks are usually located near 

the usage area to ensure a continuous supply. In comparison, chemical and refined 

petroleum storage tanks are used in industrial applications and energy power supply 

sector. Thus, for ease of transference in terms of the import and export of these products, 

the best location for these tanks is near coastal areas (i.e. at the seaside). The seismic 

vulnerability of these structures is a special matter beyond the economic cost of their 

damage or failure. Indeed, they need to remain completely functional and secure during 

and after severe earthquake events (Nagashima et al. 2011; Calderón et al. 2016). The 

water stream from water storage tanks is critical immediately following destructive 

earthquake shaking to prevent disease outbreaks and to control potential consequent fires. 

For petroleum and chemical storage tanks, there is a high risk of potential leakage or 

damage, which can result in uncontrolled fires due to the highly flammable material inside 

these tanks. This can cause death and injuries to both humanity and the environment, as 

happened in the 1964 Niigata and 1964 Alaska earthquakes (Satake and Abe 1983; Pegler 

and Das 1996). 

 Looking at liquified natural gas storage tanks, the LNG is mainly from methane, and 

it is liquified and stored at atmospheric pressures with operating temperatures around -

166 Cº.  LNG is liquified to reduce the storage volume 600 times, by converting it from 
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a gas to a liquid state to increase LNG storage capacity and transference efficiency 

(Christovasilis and Whittaker 2008). LNG tanks should be designed wisely for a safe and 

secure performance and meet the requirements of low temperature and vapor tightness. 

Accordingly, the LNG is usually contained within a vertical circular steel container made 

from a material with high ductility (i.e. low-temperature conditions). In addition, a second 

container is needed for external protection and vapor tightness or confinement. The 

second container or barrier can be made from RC or steel. Researchers have found that 

using a 9% nickel steel for the inner tank leads to improved ductility performance, and 

that surrounding it with insulation materials helps prevent heat exchange and temperature 

leakage (Chen et al. 2004; Lisowski and Czyżycki 2011).  

 Due to the high demand for LNG, the capacity of LNG tanks has increased 

dramatically. Thus, they can have a diameter ranging from 65 to 85 meters and a total 

height between 35 m and 50 m, which can offer efficient, extra-large LNG containment. 

Large LNG containment systems have a fundamental vibration frequency in the range of 

2 Hz to 10 Hz, where the fundamental frequency for most earthquake vibrations is 

observed (Tajirian 1998). Because of the LNG tank multi-layer design and the necessity 

of including the effects of soil–foundation–structure and fluid–structure interactions, the 

seismic analysis of these structures is complex. In addition, these tanks may present a 

significant danger in strong earthquakes, during which many liquid storage tanks are 

readily destroyed, as observed in several real-world cases. Therefore, understanding the 

seismic performance of these tanks is critical, especially when the supporting soils have 

a low seismic bearing capacity (Son and Kim 2019). 

 This chapter provides an overview of the LNG tank types and their seismic design and 

performance. Furthermore, the factors that affect the seismic performance of liquid 

storage tanks (including LNG tanks), like soil–foundation–structure interaction (SFSI) 
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and fluid–structure interaction (FSI), are defined. Finally, the current research studies 

related to seismic performance of on LNG storage tanks are explained. 

2.2 Overview of LNG tanks 

Ground-supported LNG tanks have various integrated systems, namely single, 

double, and full containment LNG tank systems. These integrated systems are defined by 

the American National Fire Protection Association NFPA-59A (2019) and the European–

British standard EN BS 14620-2 (2006). In general, all these integrated systems contain 

two tank walls, and the differences between them are in the functionality of each tank 

wall. For example, when the inner steel cylinder tank holds LNG liquid and vapours 

alone, this system is defined as single containment. At the same time, the second wall 

serves as an exterior barrier and as insulation if the inner tank fails under emergency 

conditions and the LNG leaks. This second wall, called a dike or bund wall, around the 

inner steel tank, limits the spread of LNG into the surrounding environment. Meanwhile, 

for double containment, the internal/primary steel and the outer/secondary containment 

walls are designed to hold the LNG during normal operations and in the case of leakage, 

respectively. 

 The outer walls offer external protection, and the inner walls are located within 6 m of 

the outer walls to reduce the spill of LNG in the case of leakage. The difference between 

single and double LNG tanks is related to the dike/bund border. For a single LNG tank, 

significant ground restraint (via the dike or bund wall) is required to contain the LNG in 

the case of leakage. However, for double LNG tanks, the outer wall is designed as 

secondary containment for the entire amount of the LNG in case it is drained out of the 

primary container. For a full containment LNG tank, the inner steel tank is a primary 

container for the LNG, while the outer RC tank is for external protection, vapor 
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containment, and secondary containment of LNG in case of leakage. This outer LNG tank 

has a fixed roof to control the LNG vapor in both normal and emergency cases. If the 

LNG spills from the inner steel tank, the outer tank is designed to hold the LNG and 

maintain the vapor tightness for the whole system. This LNG tank type is the most integral 

system and is preferred in current practice, and it has been improved to increase the tank 

capacity significantly. 

 Table 2.1 presents the different LNG tank types and the functionality for each part 

under normal operating conditions and in the case of emergency or leakage. The seismic 

design and performance of the LNG tanks at different seismic hazard levels are discussed 

in the next section. 
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Table 2.1 Comparison between the LNG tanks’ different integration systems (after Lee et al. 2017). 

Parameter Normal/operational condition Containment in leakage/emergency 
condition 

Cryogenic requirement 
(contain LNG) 

Vapor 
tightness 

Single containment 
LNG tank type 

Inner/primary container Only 
inner/primary 
container 

Double 
containment LNG 
tank type 

Inner/primary and 
outer/secondary 
containment  

Only 
inner/primary 
container 

Full containment 
LNG tank type 

Inner/primary and 
outer/secondary 
containment 

Inner/primary 
and 
outer/seconda
ry 
containment 
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2.3 Seismic design and analysis of LNG tanks 

In general, the seismic design and analysis of liquid storage tanks are different 

from those of traditional buildings and bridges. More specifically, bridges and buildings 

are subjected to inertial earthquake loading, acting as a base shear force. In comparison, 

liquid storage tanks are subjected to inertial earthquake loads like base shear force as well 

as further hydrodynamic forces, resulting in additional pressure along the tank wall and 

base (Jaiswal et al. 2007). Usually, liquid storage tanks can be classified based on their 

support type, such as ground support tanks at ground level, elevated tanks above ground 

level, and in-ground tanks (i.e. buried tanks). They can also be classified based on tank 

configuration, that is, circular or rectangular, or based on the tank wall material, namely 

steel or RC (Hafez 2012; Malhorta et al. 2000). However, the seismic design 

methodologies are similar for all tanks containing liquid. At the same time, a few seismic 

performance criteria can vary due to the different purposes and liquid storage 

requirements. Thus, each tank category presents a set of unique challenges and is designed 

according to specified codes and standards (Bandyopadhyay et al. 1995; Malhotra et al. 

2000).  

 Figure 2.1 shows the LNG full containment tank in more detail. This tank typically 

consists of an inner steel tank, outer RC walls, a fixed RC roof, and a base slab (see Figure 

2.1a). These tanks usually are supported by a pile foundation system (see Figure 2.1b). 

The design of these tanks is based on American codes NFPA 59A, API 620, and ACI 

376, European codes BS EN 1473 and Eurocode-8, and the Australian/New Zealand code 

AS/NZS1170.4. The common practice design procedure consists of a preliminary stage 

and a detailed or refined stage. In the preliminary stage, the initial calculations are based 

on either simplifying assumptions or rules of thumb to find the inner tank capacity and 
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the initial dimensions, in addition to the foundation capability for seismic load 

requirements. Hence, in the detailed design stage, the initial size and loads are integrated 

into the more rigorous and refined model. In the detailed design stage, accurate 

representations of each component of the LNG tank and the interactive behaviour

between these components are considered (Sato et al. 2020).

(a)

(b)

Figure 2.1 Full containment LNG tank components (a) Example for full containment 
LNG tank (Lun et al. 2006), and (b) Details of the full containment LNG tank 
components (after Jo et al. 2018).



14 

 In the detailed design stage, the initially proposed design is usually evaluated 

considering earthquake loads. The seismic performance of the LNG tank is assessed for 

operating basis earthquake (OBE) and safe shutdown earthquake (SSE) seismic hazard 

levels; these two seismic hazard levels correspond to 475-year and 10,000-year return 

periods, respectively (Zhang et al. 2011). The OBE and SSE ground motions are 

determined by site-specific analysis and defined using 5% damped response spectra 

following regulatory requirements. For each seismic hazard level, the LNG tank is 

required to comply with the performance objectives. For example, it should remain 

operable during and after an earthquake at the OBE seismic level (NFPA 59A 2019; Sato 

et al. 2020). 

 In comparison, no loss of the overall structural integrity of the LNG tank when it is 

subjected to the SSE seismic level is acceptable. Thus, an inelastic response is not 

permitted at the OBE load level. However, a limited inelastic response is permitted with 

SSE motions to prevent failure/collapse entirely (NFPA 59A 2019; BS EN 1473 2016). 

After the preliminary design of an LNG tank is proposed, a few adjustments are usually 

made to the foundation system, particularly the pile foundation system (i.e. pile numbers, 

lengths, and layout). Once the foundation system is proposed, a seismic analysis is 

performed for the LNG tank, including fluid and soil-structure interaction effects. The 

foundation loads for OBE and SSE seismic hazard levels are then evaluated and checked. 

The foundation system must be checked in terms of bearing capacity and monitoring 

settlements. Thus, the differential settlement and soil liquefaction potential need to be 

considered. This process is repeated until the foundation loads and superstructure design 

are compatible. Figure 2.2 shows the flowchart of the seismic design process for an LNG 

tank supported by a pile foundation. 



15

Figure 2.2 Design flowchart for LNG tank and foundation system (after Peiris et al. 

2006).

Superstructure seismic structure analysis
(for inner steel tank with FSI and outer RC wall and roof)

Are the foundation loads compatible with
superstructure seismic analysis

Details of foundation system i.e. piles layout/ length
Check capacity vs demand 

Finalize Design 
process

Yes

Yes

No

No
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Referring to Figure 2.2, which shows the seismic design flowchart for the LNG tank 

supported by pile foundation, it is evident that the LNG tank and the supporting 

foundation design and analysis are completed independently in the basic design and 

detailed design stages. In this method, free-field site response analysis is used to define 

the response spectra for the OBE and SSE hazard levels at the ground surface, ignoring 

the SFSI effects (McCullough et al. 2009). This approach results in crude assumptions 

for the overall design of the LNG tank, particularly the seismic response of the support 

foundation system (Lin et al. 2012). 

2.4 Factors affecting the seismic performance of LNG tanks 

Several factors affect the seismic response of liquid storage tanks, including the effects 

of fluid–structure interaction, soil–foundation–structure interaction, and dynamic soil 

behaviour, which need to be considered in the seismic design and analysis of liquid 

storage tanks. These factors are discussed in the following sections. 

2.4.1 Fluid-Structure Interaction (FSI) effect  

The seismic behaviour of liquid storage tanks has been studied extensively (Jacobsen 

1949; Jacobsen and Ayre 1951; Haroun 1983; Veletsos 1974; Liu 1981; Housner 1957). 

Hydrodynamic forces form along the tank wall, where seismic forces move from the tank 

base to the liquid inside the tank. Usually, liquid hydrodynamic forces are separated into 

two components. The first component is accelerated with tank walls acting as additional 

masses, and the second component generates multiple sloshing waves on the liquid 

surface. Housner (1957) was the first to create an analytical model for these 

hydrodynamic forces. In this model, the two hydrodynamic pressures were divided into 

impulsive and convective components, and the tank was considered with the rigid base 
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condition. Figure 2.3 explains Housner (1957) mechanical model. Here it is evident that 

the fluid–structure interaction is divided into two independent/uncoupled pressure 

components, with each component simplified into single equivalent mass. Due to the 

considerable diversity in both natural periods, these two masses have an uncoupled effect 

on the tank system. When the spring–mass approach is used, these two concentrated 

masses are connected to the tank wall to present the impulsive and convective 

hydrodynamic forces. The Mimp joined to the tank wall by a rigid link at a specific height 

(i.e. Himp) which represents the height of the impulsive pressure effect. Mcon is created by 

the liquid sloshing in various waves; this mass connected with the tank wall through 

springs indicates the long period sloshing motion of the liquid at a certain height (i.e. 

Hcon). It should be noted that the impulsive mass is the primary source of base shear and 

overturning moments for the global tank seismic response (Kalantari et al. 2019). At the 

same time, the convective mass adjusts the liquid height in the tank and the free-broad 

surface. Both hydrodynamic components contribute considerably to the axial and hoop 

forces on the tank wall (Malhotra 1997). 

The single degree of freedom oscillators used in Housner (1957) model depend on the 

total tank height (H) and tank diameter (D). Indeed, it can also be affected by liquid height 

(HL), total liquid mass (M), and gravity acceleration (in g unit) according to the following 

relationships:  

𝑀𝑖𝑚𝑝 = 𝑀 
tanh(√3𝑅/𝐻𝐿)

√3𝑅/𝐻𝐿
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where, 𝑅 is tank radius, and  𝐾𝑐𝑜𝑛 is the effective stiffness for the convective mode. 

Various studies have revised Housner (1957) basic model for a better assessment 

of FSI effects. For example, the Housner (1957) model includes the rigid effect of the 

impulsive component only. Therefore, to consider the tank wall flexibility effect on the 

impulsive pressure component, Haroun and Housner (1981) revised the mechanical 

model and divided the impulsive mass (Mimp) into flexible and rigid components to 

consider the effect of tank wall deformation on the impulsive pressure. Furthermore, 

Veletsos and Yang (1990) modified the mechanical model for further valuation of the 

convective components by considering two convective modes in their mechanical model. 

The work of each of these studies was included in the Guidelines for the Seismic Design 

of Oil and Gas Pipeline Systems” (Veletsos 1984). Lastly, Malhotra et al. (2000) 

modified the mechanical model presented by Veletsos and Yang (1990) and proposed 

their own mechanical model (Figure 2.4), which has been adopted by API 650 (2007) and 

API 620 (2013) as the standard for steel and cryogenic steel ground supported tanks (i.e. 

LNG inner tanks), respectively. The analytical relationships for the first impulsive mode 

of vibration Timp and the first convective mode Tcon are explained by Equations 2.6 and 

2.7, where Esteel is the elastic modulus of the steel tank material, ts is the tank wall 

thickness, 𝐶𝑖𝑚𝑝 and 𝐶𝑐𝑜𝑛  are coefficients, and 𝜌𝑙𝑖𝑞𝑢𝑖𝑑  is the mass density of the liquid. 

𝑇𝑖𝑚𝑝 = 𝐶𝑖𝑚𝑝 

𝐻𝐿  √𝜌𝑙𝑖𝑞𝑢𝑖𝑑

√𝐸 ∗ (
𝑡𝑠
𝑅
)

 
(2.6) 
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𝑇𝑐𝑜𝑛 = 𝐶𝑐𝑜𝑛 √𝑅 (2.7)

Figure 2.3 Analytical model for the dynamic behaviour of ground supported liquid 

storage tank (after Housner 1957).

Figure 2.4 Mechanical models proposed by Malhotra et al. (2000)

It should be mentioned that the mechanical model proposed by Malhotra et al. 

(2000) is applicable to concrete, steel anchored tanks (i.e. rigid connection with the 

foundation), and unanchored tanks. Mainly, this model has correlated the hydrodynamic 

forces generated by accelerated liquid to the tank configuration system. Therefore, the 

aspect ratio of the tank in terms of the height of liquid to the tank radius (i.e. 𝐻𝐿/R) 

determines the percentage of the liquid mass that will rigidly accelerate with the tank wall 

in the impulsive mode of vibration (Veletsos 1984). Moreover, the mass will vibrate on 
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the surface in the form of convective waves. Most tanks with aspect ratios between 0.3 

and 3 can be analysed with only these two vibration modes. The fundamental impulsive 

and convective modes together account for 85-98% of the total liquid mass in the tank. 

Thus, using only these modes is decided to be acceptable for tanks with these aspect ratios 

(Rammerstorfer 1990). Table 2.2 summarises the relationship between the tank aspect 

ratio and the impulsive and convective masses, coefficients, and heights of effect.  

Table 2.2  Malhotra et al. (2000) mechanical model parameters for different tank aspect 
ratios 

𝑯𝑳/R 𝑪𝒊𝒎𝒑 𝑪𝒄𝒐𝒏 [s/√𝒎] 𝑴𝒊𝒎𝒑/𝑴 𝑴𝒄𝒐𝒏/𝑴 𝑯𝒊𝒎𝒑/𝑯𝑳 𝑯𝒄𝒐𝒏/𝑯𝑳 

0.3 9.28 2.09 0.176 0.824 0.40 0.521 

0.5 7.74 1.74 0.3 0.7 0.40 0.543 

0.7 6.97 1.60 0.414 0.586 0.401 0.571 

1.0 6.36 1.52 0.548 0.452 0.419 0.616 

1.5 6.06 1.48 0.686 0.314 0.439 0.690 

2.0 6.21 1.48 0.763 0.237 0.448 0.751 

2.5 6.56 1.48 0.810 0.19 0.452 0.794 

3 7.03 1.48 0.842 0.158 0.453 0.825 

 
Additional effort was made by Virella et al. (2006) to enhance the accuracy of the 

impulsive and convective pressure components on the liquid storage tank walls. This 

method is a rigorous and sound alternative model to Houser (1957) simplified mechanical 

model. In this model, instead of using one concentrated mass to represent the impulsive 

and convective forces, the masses are distributed along the tank wall in several segments 

using the added masses concept. This concept was initially presented by Westergaard 

(1933) to model the hydrodynamic pressure on water dams during earthquakes. In this 

technique, the impulsive and convective hydrodynamic forces along the tank wall are 

represented using a series of added masses 𝑚𝑖𝑚𝑝 and 𝑚𝑐𝑜𝑛 instead of using single 

concentrated masses (Figure 2.4 and Figure 2.5). These masses are distributed on 
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segments of the tank walls divided by elevation (i.e. ∆ ℎ). Hence, the effect of the 

hydrodynamic forces along the tank walls is well captured. This method is recognised by 

Eurocode-8 (2006) for the seismic design of liquid storage tanks. As explained in 

Eurocode-8 (2006), the distribution of the rigid impulsive and convective components of 

the hydrodynamic pressure (𝑝𝑖𝑚𝑝  and 𝑝𝑐𝑜𝑛) can be given by the following expressions:  

𝑝𝑖(𝜉, ς, 𝜃, 𝑡) =  𝐶𝑖𝑚𝑝(𝜉, ς) 𝜌𝑙𝑖𝑞𝑢𝑖𝑑  𝑅 ∗ 𝐴𝑔(𝑡) (2.8) 

𝐶𝑖𝑚𝑝(𝜉, 𝜍) = 2𝛾 ∑
(−1𝑛)

(𝐼1  (
𝑣𝑛
𝛾 ))𝑣𝑛

2

 𝑐𝑜𝑠(𝑣𝑛 𝜍 )𝐼1 (
𝑣𝑛
𝛾
 𝜉 )   

∞

𝑛=0

 
(2.9) 

𝑝𝑐𝑜𝑛(𝜉, 𝜍 , 𝜃, 𝑡) =  𝐶𝑐𝑜𝑛(𝜉, 𝜍) 𝜌 𝑅 ∗ 𝐴𝑔(𝑡)  ∗ 𝛤𝑐𝑜𝑛 (2.10) 
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𝛤𝑐𝑜𝑛 = 
2 𝑠𝑖𝑛ℎ(𝜆𝑛𝛾)[𝑐𝑜𝑠ℎ(𝜆𝑛𝛾)−1]

𝑠𝑖𝑛ℎ(𝜆𝑛𝛾) 𝑐𝑜𝑠ℎ(𝜆𝑛𝛾)−𝜆𝑛𝛾
      

(2.12) 

                                     
where 𝜉= 𝑟/𝑅 and 𝜍=𝑧/𝐻𝐿 are the coordinates parameters “non-dimensional”; 𝑅 is the 

radius of the tank; 𝑟, 𝜃, 𝑧 are the components of cylindrical coordinates with their origin 

at the centre of the tank while the 𝑧 axis is vertical; t is time; 𝐶𝑖𝑚𝑝 and 𝐶𝑐𝑜𝑛 are impulsive 

and convective pressure distribution coefficients; 𝜈𝑛=((2𝑛+1)/1) 𝜋; 𝛾=𝐻𝐿/𝑅; 𝐼1 and 𝐼1 are 

mathematical functions “modified Bessel functions”;  𝐽1, is the Bessel function of the first 

order for the convective mode; 𝛤𝑐𝑜𝑛 is the participation factor for the convective pressure 

component for the nth Eigenmode; 𝜆𝑛 is the nth root of the first-order Bessel function 

(where the first three positive roots are λ1 = 1.841, λ2 = 5.331, λ3 = 8.536), respectively; 

𝐴g(𝑡) is the ground acceleration time history in the free-field; 𝜌𝑙𝑖𝑞𝑢𝑖𝑑  is the mass density 

of the contained liquid. Figure 2.5 represents the added mass concept for liquid storage 

tanks based on Eurocode-8 (2006). 
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Fluid–structure interaction in liquid storage tanks subjected to dynamic and 

seismic loads can be captured using mechanical models (analogues) such as those 

described above. These include, namely, the spring-mass and added mass concepts, which 

are considered an acceptable substitute for the tank–liquid system (i.e. FSI) in design 

codes such as API 650 and API 620 (2007 and 2013), ACI 350.2 (2009), Eurocode-8 

(2006), and NZSEE (2009). Additionally, researchers have established different advanced 

general-purpose finite element (FE) models to study the FSI effect more precisely (Virella 

et al. 2006b; Bayraktar et al. 2010; Platek et al. 2010; Belostotskiy et al. 2015; Kolbadi et 

al. 2018; Zhang and Wan 2019; Rawat et al. 2020). The fluid finite elements method is 

considered a practical method to capture the FSI effects and the sloshing wave of liquid 

inside the tank. In this method, the problem of FSI is revised into a global finite element 

framework using a displacement-based approach, the Lagrangian approach, and acoustic 

finite elements techniques. However, Virella et al. (2006b) compared the added masses 

method with the advanced finite element method for capturing the FSI effects, and the 

added mass method proved its capability to capture the FSI effect reasonably well. 

Moreover, the added mass method can be used for complex tank geometries, particularly 

when soil–structure interaction needs to be considered (Spritzer and Guzey 2017). 

 

 

 

 



23

Figure 2.5 The mechanical model for impulsive and convective pressures using the added mass method according to Eurocode-8 (2006)
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2.4.2 Soil-Foundation-Structure Interaction (SFSI) effects  

The seismic response of the structure is significantly affected by two main factors: 

the effects of local site conditions on the wave striking the structure and the way the 

structure interacts with the foundation and the ground below, acknowledged as soil–

foundation–structure interaction (SFSI). Past intense earthquake events, including the 

1964 Alaska, 1985 Mexico City, and 1995 Kobe earthquakes, revealed that the 

consideration of seismic SFSI is crucial in the design of structures (Satake and Abe 1983; 

Mendoza and Auvinet 1988; Pegler and Das 1996; Chen et al. 2010). Earthquake features, 

travel path, local soil properties, and SFSI are the main aspects controlling the seismic 

excitement of the superstructure. Indeed, the first three of these aspects define the free-

field ground motions, and the incapability of a foundation to follow the free-field motion 

refers to seismic soil–foundation–structure interaction SFSI (Kramer 1996). 

2.4.2.1 Free-field ground motion 

Seismic waves may travel through tens of thousands of kilometres of rock and less 

than 100 m of soil before they influence the ground surface. Seismic waves tend to change as 

they travel through different soil layers and mediums of different wave propagation 

velocities. As a result of several wave refractions, the seismic waves influence the ground 

surface in the near-vertical direction (Kramer 1996). The local site conditions can 

substantially affect the characteristics of these ground motions namely the frequency content 

of the signal, amplitude, and duration (Yoshida 2015). Figure 2.6 illustrates the ground 

response analysis and subsequent vertical spread of seismic waves in the vicinity of the soil 

surface.
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Figure 2.6 Analysis of the ground response and upward wave propagation near the 

shallow ground soil surface.

As the local site conditions can significantly affect the ground response motion, Idriss 

(1990) investigated the effect of soft soil deposits on the seismic site response using data 

collected from the San Francisco Bay and Mexico City areas (see Figure 2.7). He concluded 

that for low to moderate earthquake levels (PGA about 0.4 g or less), the peak ground 

acceleration (PGA) at soft soil sites would expected to be higher than that at rock sites. 

However, for more significant earthquakes with higher acceleration levels (PGA greater than 

0.4 g), the small stiffness and nonlinearity of the soft soil prevented the growing of higher 

peak accelerations, compared with the high peak accelerations observed at rock sites. To 

illustrate the effect of local site conditions on the frequency content of the ground surface

response, Figure 2.7 shows the average response spectrum of ground motion records from 

various soils, including rock, stiff soil, soft soil, and cohesionless soil (Seed et al. 1976; 

Kramer 1996). It is evident from Figure 2.7 that the deep, soft to medium soils create low 

frequency (long period) motion on the surface, whereas the rock and stiff soil sites create high 

frequency (short period) motion on the ground surface. In addition, as denoted in Figure 2.7, 

the rock site has a dominant period of 0.2 seconds, while the corresponding value for soft to 

medium soil sites is about 0.9 seconds. This effect is significant and needs to be considered

for the seismic design of stiff structures with rather short periods of vibration, such as large 
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tanks on soft and cohesionless soils such as those in coastal, marine and unfavourable soil 

deposits. The seismic response of the structure can be affected by the properties of the ground 

motion. Therefore, consideration of the local site effects is essential for seismic analysis 

(Mylonakis et al. 2006; Li et al. 2014). The dynamic soil behaviours need to be captured using 

the equivalent linear method or fully nonlinear method for ground response analysis.  

Figure 2.7 Typical normalized site response spectrum (5% damping ratio) for varied local 

site conditions (after Seed et al. 1976)  

2.4.2.2 Dynamic behaviour of soils 

Under earthquake shaking, soil shows nonlinear and hysteresis behaviour (Figure 

2.8). Ambrosini (2006) highlighted the need for the appropriate representation of the 

dynamic soil response for seismic analysis. As shown in Figure 2.8, the soil response 

when subjected to cyclic loading can be described using the soil secant shear modulus 

(𝐺𝑠𝑒𝑐) and the corresponding damping ratio (𝜉) of the hysteresis loop (Kramer 1996). 

According to Das (1983), 𝐺𝑠𝑒𝑐 and 𝜉 can be determined via Equations (2.13) and (2.14), 

respectively.  

𝐺𝑠𝑒𝑐 =
𝜏𝑐
𝛾𝑐

(2.13) 
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𝜉 =
𝑊𝐷

4𝜋𝑊𝑆
=

1

2𝜋

𝐴𝑙𝑜𝑜𝑝
𝐺𝑠𝑒𝑐𝛾𝑐2

(2.14)

where, 𝜏𝑐 and 𝛾𝑐 are the shear stress and cyclic shear strain values at the selected point. 

𝑊𝐷 is the energy dissipated through a loop, 𝑊𝑆 is the determined strain energy, and 𝐴𝑙𝑜𝑜𝑝

is the area of the hysteresis loop (which is equal to 𝑊𝐷). 

Figure 2.8 Cyclic behaviour of soil.

To capture dynamic characteristics of the soil required in a nonlinear analysis

reasonably well, the backbone curve representing the change of 𝐺𝑠𝑒𝑐 with cyclic shear 

strain level should be considered, along with the corresponding damping due to the 

reduction of soil shear modulus, as shown in Figure 2.9. The secant shear modulus and 

damping ratio represent the nonlinear soil response in the equivalent linear analysis (El 

Naggar and Novak 1996). Figure 2.9 shows how the secant shear modulus of a soil (𝐺𝑠𝑒𝑐) 

and the corresponding damping ratio (𝜉) change with the cyclic shear strain level (γ).  As 
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a conclusion, the secant shear modulus is high for low shear strain amplitudes and reduces 

as the shear strain amplitude develops. In the equivalent linear method adopted by other 

researchers (Beresnev and Wen 1990; Zeghal and Elgamal 2000; Yunita and Apriadi 

2015), one value of the secant shear modulus and the corresponding damping ratio are 

used which result in capturing the nonlinear soil response in an average sense. 

However, to fully capture cyclic soil behaviour, the path of the hysteresis loop 

plus soil plastic deformation should be considered (Yeganeh and Fatahi 2019). In this 

way, the nonlinear response, stiffness degradation, and soil damping can be captured 

precisely. Implementing the nonlinear response of soil is necessary for seismic analysis, 

mainly when a risk of soil liquefaction may be present (Peiris et al. 2006). For example, 

during the rapid shaking of the ground under strong earthquakes, considerable pore water 

pressures can be developed in saturated loose granular soils under undrained conditions, 

resulting in reducing of the effective stresses and a considerable loss in the strength and 

stiffness of the soils. This phenomenon is called soil liquefaction, which is mainly 

influenced by the presence of groundwater, the soil particle size distribution, the soil in-

situ relative density, the effective confining stress, and the ground motion features (Idriss 

and Boulanger 2008). 
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Figure 2.9 The decrease of shear modulus and the related damping ratio curves with cyclic 

shear strain. 

2.4.2.3 Soil-foundation-structure interaction (SFSI) concept for liquid storage tanks 

When a liquid storage tank is built on soft soil, this heavy and rather stiff structure 

would influence soil motion under seismic loading (Lou et al. 2011). This leads to the 

deviation of the foundation and structure from free-field motion due to SFSI. Free-field 

condition refers to ground motions that are not impacted by the vibrations or scattering 
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of seismic waves near or at the foundation level. Usually, practicing engineers assume a 

rigid soil base for the seismic analysis and design, as SFSI effects have been found to 

increase damping and the structure natural period (i.e. can be conservative). However, 

including SFSI leads to capturing the foundation translation and rotation, which can alter 

the seismic response of the structure. For liquid storage tanks, many researchers, such as 

Veletsos (1984), Haroun and Housner (1981), and Veletsos and Tang (1991), have 

investigated the dynamic behaviour of liquid storage tanks, including the effects of soil 

flexibility on the system response. Mainly, the SFSI effects can visibly affect the 

impulsive hydrodynamic component, but may not much affect the convective 

hydrodynamic component, which is associated with frequencies below than the tank–

liquid system natural frequencies (Veletsos 1984). Therefore, the inclusion of the SFSI is 

mainly considered based on the model developed by Veletsos and Tang (1991) and is 

addressed by the well-established design codes such as NZSEE (2009) and Eurocode-8 

(2006). In general, including the SFSI effect can modify the translational and rocking 

components of the mechanical model proposed by Malhotra (2000). According to Larkin 

(2008) these effects can be implemented by introducing translational and rotational 

stiffnesses (Kh and Kr). Moreover, Furthermore, Furthermore, when the soil's flexibility 

improves, the fundamental period of the tank-liquid system and total damping increase, 

minimizing the maximum force's response (see Figure 2.10).  
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Figure 2.10 Mechanical models for the soil-tank-liquid coupled system (after Larkin 

2008). 

The translational and rotational stiffness (Kh and Kr) for circular rigid foundations 

supported at the surface of a homogeneous half-space is provided based on Lysmer (1978) 

theory, and explained on Equations 2.15 and 2.16 (refer to Givoli 1991): 

𝐾𝑟 = 
8𝐺𝑅

2 − 𝜗

(2.15) 

𝐾ℎ =  8𝐺𝑅3/3(1 − 𝜗) (2.16) 

where G and 𝜗 are the shear modulus and Poisson’s ratio for soil, respectively. 

In general, the natural period and damping of the tank liquid system, including the 

SFSI effect, can be considered using NSZEE (2009) guidelines as in the following 

relationships: 

𝑇𝑖𝑚𝑝
∗ = 2𝜋 √

𝑀𝑖𝑚𝑝 +𝑀𝑓𝑜𝑑

𝐾ℎ 𝛼ℎ
+ 
𝑀𝑖𝑚𝑝 𝐻𝑖𝑚𝑝

2

𝐾𝑟𝛼𝑟

(2.17) 

𝜉 =  𝜉𝑠 +
𝜉𝑚

(𝑇∗ + 𝑇)3
(2.18) 
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where, 𝑀𝑓𝑜𝑑 is the mass of the foundation, αh and αr are frequency-dependent factors 

converting static stiffnesses into dynamic ones based on Veletsos and Tang 

(1992), 𝑎𝑛𝑑 𝜉𝑠 is the radiation damping in the soil, and 𝜉𝑚 is the material damping in the 

tank.  

SFSI effects include two distinct effects, including kinematic interaction and 

inertial interaction effects, as illustrated in Figure 2.11 (Kausel 2010). Kinematic 

interaction refers to the process in which the structure foundation motions is impacted 

and thus differ from the free filed motions, as this stiff element (i.e. the foundation) 

scatters and reflects the seismic waves transferred through the soil layers. Inertial 

interaction denotes the displacement and rotation of the foundation which is due to the 

structural inertial forces, including base shear and moment (Wolf 1987; Stewart et al. 

2012). 

Many researchers have studied the seismic behaviour of various structures, 

including the effect of seismic SFSI. Existing methods for the simulation of SFSI systems 

comprise the Winkler methods, elastic continuum methods and numerical methods. 

Among these methods, the numerical method is the most advanced and rigorous one (Tian 

et al. 2018). Consequently, with access to powerful computers, researchers have been 

utilising advanced numerical techniques such as three-dimensional finite element or finite 

difference models quite regularly. The effects of material nonlinearity in terms of stress–

strain response, diverse material properties, radiation damping, and the variations in the 

geometry of the supporting soil medium can be all captured in the dynamic soil–SFSI 

analysis using rigorous numerical methods (Meymand 1998; Dhatt et al. 2012). 
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Figure 2.11 Illustration of kinematic and inertial interaction in a SFS system for liquid 

storage tank supported by pile foundation.

In general, SFSI can be used in dynamic analysis using numerical methods which 

follow one of two approaches: the substructure and direct methods. For the substructure 

method, as Gutierrez and Chopra (1978) explained, three main steps need to be 

implemented: firstly, the foundation input motion (FIM) of the foundation slab needs to 

be evaluated based on the assumption of a massless foundation system. Next, the 

impedance function, which describes the soil–foundation system stiffness and damping 

features, must be determined. Finally, the dynamic analysis of the structure supported on 

a compliant base, denoted by the impedance functions and exposed to a base excitation 
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of the FIM, would be conducted. This method has been implemented by many researchers 

for the seismic analysis of various structures (e.g. Kutanis and Elmas 2001; Allotey and 

El Naggar 2008; Carbonari et al. 2011). This method is based on the superposition 

principle, which limits it to linear soil and structure behaviours (Wolf 1989). Hence, the 

direct method can be used to fulfil the need for a technique capable of modelling the entire 

soil–foundation–structure system in one step and including both material and geometric 

nonlinearity (Carr 2008). Several researchers have implemented the direct method to 

conduct numerical studies for different foundations solutions considering soil–

foundation–structure interaction and obtained reasonable results (e.g. Çelebi et al. 2012; 

Hokmabadi et al. 2014a; Nguyen et al. 2017; Sharma and Dey 2018; Xu and Fatahi 2019). 

2.5 Observed damage to liquid storage tanks during previous 

earthquakes and previous research studies on seismic 

performance of LNG tanks 

Over the past few decades, large earthquakes like 1964 Alaska, 1964 Niigata, 1966 

Parkfield and 1994 Northridge have caused liquid storage tanks to experience failure or 

significant damage to the tank walls, roof, and foundation/supporting systems (Rinne 

1967; Shibata 1974; Kono 1980; Rai 2002; Sezen and Whittaker 2006). Indeed, concrete 

tanks can be damaged as a result of cracks and leakage, while for steel tanks, the wall 

buckling is the main cause of failure.   

The dynamic buckling phenomenon in steel tanks under seismic conditions is 

usually recognised as elastic or elastic-plastic buckling failure. Many studies have shown 

elastic-plastic buckling as an outward bulge close to the tank base (e.g. Djermane et al. 

2014; Buratti and Tavano 2014; Shi et al. 2020). In these cases, the axial compression 

due to the overturning moment and the circumferential hoop stresses exceed the yield 
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limit for the tank wall. These forces can be generated by both the hydrostatic and 

hydrodynamic pressures at the bottom of the tank. Thus, this outward bulging occurs at 

the tank base known as the elephant’s foot buckling mode of failure (Figure 2.12a). In 

addition, referring to Groh and Pirrera (2019), the diamond-shaped buckling, which is an 

elastic buckling, usually happens at small values of hoop stresses, as the inward 

hydrodynamic suction at the base level or the upper level of the tank wall (i.e. the 

secondary diamond shape buckling mode) goes beyond the outward hydrostatic pressure

(see Figure 2.12b).
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Figure 2.12 Observed damage for steel tanks under seismic load (a) elephant foot 

buckling example, and (b) diamond shape buckling (Malhotra et al. 2000)

LNG storage tanks are particularly susceptible to damage during strong 

earthquakes, where the failure of the inner steel of the LNG tanks may result in secondary 

tragedies such as fire and explosion. For example, in the 1964 Japan earthquake, the 

damage to the LNG tanks resulted in uncontrolled fires and explosions with severe 

pollution of the environment (Zhao ET AL 2020). The failure of LNG tanks during 

seismic events can impose severe safety concerns and have significant environmental and 

economic consequences and thus rigorous seismic analysis design of LNG tanks are

crucial and essential (Zhang et al. 2011; Zhai et al. 2019).

Many researchers have investigated the seismic performance of LNG tanks using 

several approaches, including analytical, experimental, and numerical methods. Some of 

these studies were conducted assuming a rigid soil base (i.e. including only the 

superstructure part of the LNG tank), and few of them involved the SFSI effects. Most 

previous studies have investigated the seismic resilience of the inner steel tank, which has 
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direct contact with the LNG, and they have considered the fluid–structure interaction 

effects. Studies on the secondary concrete containment tanks, including SFSI effects for 

the entire system, have been less popular. For example, Graczyk and Moan (2008) 

considered the effect of the sloshing pressure on the resilience of LNG steel tank, 

including different liquid levels. In addition, they investigated the effects of base isolation 

on the seismic response of LNG tanks with different liquid levels using the finite element 

analysis (FEA) technique. Their numerical results revealed that the lead rubber bearings 

effectively avoided the transfer of significant seismic forces to the tanks and thus 

enhanced the LNG tanks seismic responses. Christovasilis and Whittaker (2008) 

calculated the effectiveness of seismic base isolation on the performance of the LNG 

tanks using numerical analysis and compared the seismic behaviour of the LNG tank with 

the simplified mechanical model, which is usually used for preliminary seismic analysis 

and the design of LNG tanks. They concluded that the mechanical models could be used 

confidently for the initial analysis and design of conventional and isolated LNG tanks. 

Recently, Dongyu Luo (2020) performed a shaking table test to assess the effect of the 

insulation layers on the seismic performance of the inner steel LNG tank under different 

ground motions. The results proved the beneficial effect of the insulation layer on the 

seismic response of the LNG tank. 

In addition, the effect of the SFSI can significantly impact the seismic response of 

large capacity structures such as LNG tanks and several researchers investigated the SFSI 

effects on the seismic response of LNG tanks (Willford et al. 2010; Ruiz and Gutiérrez 

2015; Tajirian et al. 2019). Sun and Cui (2015) highlighted the importance of including 

the SFSI effect on the seismic analysis of a base-isolated LNG tank by using a simplified 

mechanical model and elastic soil foundation. Their results illustrated the importance of 

SFSI in selecting the best isolation system. 
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Furthermore, Son and Kim (2019) highlighted the importance of SFSI effects on 

the seismic response of LNG tanks subjected to vertical earthquake components using 

numerical modelling and frequency domain analysis. Since many LNG tanks need to be 

constructed on unfavourable soil conditions, ground improvement techniques (e.g. deep 

cement mixing, jet grouting, stone columns) are usually needed to improve the supported 

soils. Hokmabadi et al. (2019) considered the impact of SFSI on the seismic response of 

a large LNG tank sitting on the improved ground, and they stressed the importance of 

conducting rigorous numerical modelling to optimise the seismic design of LNG tanks. 

The abovementioned studies underscore the need for advanced numerical methods for the 

seismic analysis of LNG, which can capture the SFSI using the direct method.  

2.6 Summary  

 Considering the growing expansion of the LNG industry globally, the demand 

for LNG tanks has increased, leading to an increase in the capacity and size of these tanks. 

These heavy structures are often constructed near coastal areas with unfavourable soil 

conditions and in potential seismic regions, resulting in the essential examination of the 

seismic performance of these tanks and considering the different factors that affect their 

seismic responses. 

 Existing studies have explored the seismic safety of the inner steel LNG tanks and their 

seismic performance by capturing the FSI effect. However, only few studies have 

implemented the numerical analysis and adopted substructure technique and considered 

the SFSI effects for assessing the seismic performance of LNG tanks. Thus, this study 

investigates the SFSI and FSI effects on the seismic performance of LNG tanks using 

numerical analysis and the direct method of analysis.  

 In this thesis, investigations of the contemporary seismic SFSI problems for 
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LNG tanks, including the influence of different pile foundations and the effect of liquified 

soil deposits on the seismic performance of LNG tanks, are conducted using three-

dimensional numerical modelling with advanced material models for soil, structure, and 

pile foundation system. Then, the seismic resilience of the inner steel and outer concrete 

tanks as well as the foundation system is evaluated by capturing both FSI and SFSI 

effects.  In addition, the seismic performance of the inner steel tank with different aspect 

ratios (i.e. H/D) is evaluated. Moreover, the effect of wall base fixity on the outer LNG 

tank containment seismic performance is examined. Finally, the conclusions of the 

current study and recommendations for further research are presented. 
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CHAPTER 3 IMPACT OF PILE FOUNDATION 
ARRANGEMENT ON SEISMIC RESPONSE OF LNG 

TANKS CONSIDERING SOIL-FOUNDATION-
STRUCTURE INTERACTION 

3.1 General 

 The Liquefied Natural Gas (LNG) is cleaner and cheaper for power generation than 

traditional energy sources. Many tanks to store LNG are to be located at coastal areas 

with less favourable geotechnical conditions and often in the seismically active regions. 

The seismic loads acting on the LNG tanks are highly affected by the soil-foundation-

structure interaction (SFSI) and evaluating this effect is quite challenging as a result of 

the nonlinear response of the structure and foundation interacting with the soil. This 

chapter presents the application of three-dimensional numerical simulation technique to 

study the impacts of foundation type on the seismic behaviour of a large LNG tank 

considering the SFSI effects. Fully nonlinear dynamic analysis under the influence of 

1994 Northridge and 1995 Kobe earthquakes are performed using finite element analysis 

software ABAQUS to assess the LNG tank seismic response under different foundation 

types, namely, end-bearing pile foundation, pile-raft foundation with two different 

frictional pile lengths. The results show the importance of the SFSI effect in evaluation 

of the seismic response of LNG tanks built on pile foundations. Indeed, choice of the deep 

foundation system and composition of foundation in terms of raft effects and pile length 

can significantly change the dynamic response of LNG tank and thus seismic forces in 

the foundation and superstructure. 
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3.2 Introduction 

Liquefied Natural Gas (LNG) is considered as an essential transition fuel from 

fossil fuels (coal and oil) to low-carbon future, while renewable energies mature 

technologically and economically (Gürsan and Gooyert 2021). LNG is a low-carbon fuel 

as compared to other fossil fuels and can synergize with renewable technologies to 

balance intermittent electricity outputs and provide uninterrupted energy even during 

peak hours with its flexible on-off cycles (Colombo et al. 2016). The LNG supply market 

has doubled in the last decade and it is anticipated that the next decade will see further 

growth, with energy growth predictions across Asia (countries like China, India, 

Indonesia, the Philippines, and others.) being much higher than the rest of the world. This 

is driven by expanding populations, rising standards of living, and the scale of 

urbanisation. Australian government has been discussing LNG as one of the reliable and 

affordable energy sources helping the energy transition market toward a new energy 

economy, particularly, in reginal Australia where energy intensive industries are located. 

Australian power grid has been moving away from coal, and LNG can play a significant 

role in the meantime when the economy is transitioning to greener energies and storage 

systems such as solar, wind, hydrogen, and batteries.  

Australia has many LNG projects mainly in Queensland, Northern Territory and 

Western Australia, such as Queensland Curtis LNG, Gladstone LNG, Ichthys LNG, and 

Gorgon LNG to name few. The Newcastle gas storage facility in New South Wales is one 

of the major sites comprised of a 63,000 m³ non-pressurised LNG tank helping with 

domestic gas supply, in addition to providing energy security in the case of gas supply 

disruption events. Many people in need of energy are located far from gas fields. 

Liquefying natural gas is a way to move natural gas long distances when pipelines are too 
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impractical or costly to build. To achieve economies of scale throughout the LNG chain, 

the size of liquefaction plants and the cargo size of LNG vessels have steadily increased 

requiring an increase in the size of LNG storage tanks (Peiris et al. 2006). The large LNG 

tanks (Figure 3.1) are normally located in offloading terminals at coastal sites. The deep 

foundation (i.e. pile foundation) is considered as a robust solution to achieve the 

performance requirements of large LNG tanks at sites with poor ground conditions in 

several projects. 

Figure 3.1 A large LNG tank at a coastal site in a region with high seismicity in east Asia. 

The failure of LNG tanks during seismic events not only can impose severe safety 

concerns, but also can have significant environmental and economic consequences. As 

such, the seismic design of LNG tanks is crucially important (Zhang et al. 2011; Zhai et 

al. 2019). The conventional seismic design approach consists of undertaken free-field site 

response analysis to obtain the response spectrum at the ground surface for modal analysis 

ignoring SFSI effects (McCullough et al. 2009). While this approach can be considered 
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reasonable in areas with low seismicity and stiff ground conditions (e.g. LNG tank 

founded on rock), the SFSI significantly impacts the seismic response of the 

superstructure constructed on soft soils in areas with moderate to high seismicity 

(Veletsos and Tang 1990; Kim et al. 2002; Hokmabadi et al. 2019). The SFSI is a complex 

phenomenon and many experimental, numerical and analytical studies were conducted in 

the recent years to better understand the importance of SFSI and its implication in design 

(e.g. Nguyen et al. 2017; Xu and Fatahi 2019; Son and Kim 2019). Hokmabadi and Fatahi 

(2016) studied the choice of the foundation type on the seismic performance of structures 

considering SFSI effects and found that the choice of foundation type has a significant 

impact on the seismic response of buildings. Xu and Fatahi (2018) assessed the soil 

plasticity impact on the seismic response of buildings constructed on end-bearing pile 

foundations, and found that the shear forces and bending moments in the piles increased 

with increasing the soil Plasticity Index (PI), while the seismic response of building could 

move from life safe to near collapse level. Son and Kim (2019) assessed the SFSI effects 

on the seismic response of LNG tank subjected to vertical earthquake excitations using 

frequency domain analysis and highlighted the importance of soil-structure interaction.  

This chapter aims to investigate the common design question on the impact of 

adopting different pile foundation types (e.g. end-bearing versus frictional piles) and 

different pile lengths on the seismic performance of an LNG tank under seismic loading. 

As the LNG is a green energy source the selection of LNG tank foundation type is 

important for both the LNG tank safety under extreme loadings like earthquake and the 

optimal solution for the cost and environmental impact (i.e. Life cycle solution). 

Therefore, implementing advanced nonlinear numerical analysis can prove the efficiency 

of using the end-bearing pile foundation option in term of the required design level and 

the safest option compared with frictional pile foundation, which can offer less material 
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for the more sustainable foundation option (i.e. less material) and satisfy the required 

level for both safety and performance. For this purpose, a three-dimensional numerical 

simulation in ABAQUS software is conducted. Numerical modelling details are 

explained, and results are presented and compared in terms of key design parameters. 

3.3 Description of the adopted LNG tank and foundation 

In this chapter, a 63,000 m3 full containment LNG tank comprised of 9% Ni steel 

inner tank and Reinforced Concrete (RC) outer tank, which sits on the pile-raft 

foundation, is used to perform the nonlinear seismic analysis. The adopted LNG tank is 

an example of the modular LNG tank constructed in the high seismic region as reported 

by Son and Kim (2019). The overview of structural and geometrical characteristics of the 

adopted LNG tank in this study is illustrated in Figure 3.2. The total height of the outer 

RC tank is 29.27 m with a fixed reinforced concrete roof. The height of the outer tank 

wall is 21.9 m and the wall thickness is 700 mm. On the other hand, the height of the 

inner 9% Ni steel tank wall is 20 m, with a base radius of 32.5 m, and the average wall 

and base thicknesses are 20 mm and 40 mm respectively. Figure 3.2a represents the 

details for both inner and outer tanks sitting on a reinforced concrete foundation slab with 

a radius of 35.5 m and thickness of 1.0 m. In addition, Figure 3.2b shows the layout of 

the 229 reinforced concrete piles with a pile diameter of 1.0 m, which support the 

foundation slab. The adopted LNG tank is assumed to be sitting on a 30 m deep 

homogenous stiff clayey soil deposit, with an average shear wave velocity of 320 m/s, 

undrained shear strength 150 kPa, and Plasticity Index of 20% (i.e. low plasticity clay 

with USCS classification of CL). According to Australian standard AS1170.4 (2007) the 

site sub-soil is classified as Class Ce (i.e. shallow soil site). It is assumed that the bedrock 

is composed of strong rock allowing construction of end bearing piles on top (i.e. unit 
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weight of 2880 kg/m3 and unconfined compressive strength of UCS =61.22 MPa). It 

should be mentioned that, based on AS3961 (2017) the atmospheric tanks shall be 

designed for seismic loading according to AS1170.4 if the tank is located in Zone A or 

Zone 2 locations specified in the code.

Figure 3.2 The LNG tank configuration adopted in this chapter: (a) section view of the 

superstructure and foundation, and (b) the plan view of 229 no. piles supporting the tank.
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The three different choices of pile-raft foundation considered for supporting the 

adopted LNG tank and numerically simulated in this chapter are as follows (note that the 

foundation slab (i.e. raft) sits directly on the ground surface): 

• Case 1: pile-raft foundation consists of end-bearing piles sitting on bedrock (Figure

3.3a).

• Case 2: pile-raft foundation consists of frictional piles with length of 25 m (Figure

3.3b)

• Case 3: pile-raft foundation consists of frictional piles with length of 20 m (Figure

3.3c).
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Figure 3.3 Three different choices of LNG tank foundation considered in this chapter, (a) 

end-bearing pile-raft foundation, (b) frictional pile-raft foundation with pile length of 25 

m, and (c) frictional pile-raft foundation with pile length of 20 m.

3.4 Numerical modelling details

According to Kramer (1996), to study the SFSI effects, it is necessary to treat the 

structure, foundation and soil with the same rigour. Therefore, the finite element analysis 

is conducted, in this chapter, using ABAQUS (version 2018) for the numerical simulation 

of the LNG tank sitting on three different foundation types as in Figure 3.3 capturing the 

SFSI effects using direct method of analysis. ABAQUS is suitable for this kind of 

complex problems so it had been adopted by other researcher as Nguyen et al. (2016) for 

SFSI problems. Taking the advantage of the problem symmetry, only half of the model 

is simulated in this study, while appropriate boundary conditions are implemented as 

shown in Figure 3.4.
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Figure 3.4 The adopted finite element model for the end-bearing pile foundation case 

and the modelling element details of the developed soil structure system.

3.4.1 Modelling of the superstructure 

The overview of the developed finite element model is shown in Figure 3.4 for 

the case of the LNG tank sitting on end-bearing pile foundation as an example. For the 

outer RC and the inner 9% Ni steel tanks, the 4-nodes shell elements S4R were used, 

while the rebars in the RC were defined as layers of uniaxial reinforcement in the shell 

elements following the procedure recommended by Hafez (2012). To represent the 

elastic-plastic behaviour of the outer RC tank under the seismic loads, the concrete 

damage plasticity (CDP) model was used for concrete grade C40, where the adopted 

model parameters are summarized in Table 3.1. The vertical reinforcements were spaced 

around the RC tank wall every 3° along the circumference with a total of 120 vertical 

ordinary reinforcing steel bars, which had a yield strength of 400 MPa, the ultimate tensile 

strength of 600 MPa corresponding to the ultimate tensile strain of 0.14, the modulus of 

elasticity 205 GPa, and unit weight of 78 kN/m3. These reinforcements extended from the 

bottom of the slab to the top of the roof. In addition, the horizontal layers of the 

prestressed tendons were used in the RC tank to ensure the stability and gas tightness of 



49 

the RC outer tank in normal conditions, and containment safety of the LNG in emergency 

conditions (i.e. to resistance hoop forces). These horizontal prestressed tendons were 

spaced every 0.6 m along the elevation of the RC tank with tendon yield strength of 1581 

MPa, the ultimate tensile strength of 1860 MPa corresponding to the ultimate tensile 

strain of 0.0575, and unit weight of 78 kN/m3.  

Table 3.1 Adopted parameters for concrete grade C40 for CDP model used in this chapter. 

Parameter name Symbol Unit Value Reference 

Compressive strength �́�𝑐 MPa 40 Son and Kim 

(2019) Mass density 𝜌𝑐 kg/m3 2640 

Dilation angle ψ Degree 36˚ Lee and Fenves 

(1998) Eccentricity 𝜖 - 0.1

Compressive yield strength ratio 𝑓𝑏0/𝑓𝑐0 - 1.16

Hafez (2012) 

Compressive stiffness recovery 

parameter 

wc - 1

The hydrostatic effective stress ratio K - 0.667

Tensile stiffness recovery parameter wt - 0

The 9% Ni steel material which is recognized by the ASTM (2017) as A353-17 

for cryogenic service temperatures, with the yield stress (fy) and ultimate strength (fult) of 

515 MPa and 690 MPa, respectively, was used in this study for the inner tank. 

Additionally, elastic modulus of the 9% Ni steel was considered to be 205 GPa. The 9% 

Ni steel material behaviour was modelled using the kinematic hardening rule with von 

Mises yield criteria, and the strain hardening modulus was equal to 3,888 MPa, so the 

metal inelastic behaviour under seismic loading can be captured similar to what was 

reported by other researchers (Bernier and Padgett 2020; Miladi and Razzaghi 2019; 

Razzaghi and Eshghi 2015). 
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3.4.2 Modelling of the fluid-tank interaction 

To evaluate the hydrodynamic forces exerted on the LNG tank, the simplified 

mechanical models are generally used in practice. The FSI under seismic loads is due to 

two main vibration modes, namely the impulsive mode (rigid movement of the liquid) 

and the convective mode (the surface sloshing of the liquid) which can be captured via 

two different sets of spring-mass systems as recommended by Housner (1957).  In this 

study, the LNG was modelled using a mechanical model based on the framework of 

Housner (1957) and Virella et al. (2006), as shown in Figure 3.5. The impulsive liquid 

response was modelled using the lumped added-mass method presented by Virella et al. 

(2006) which is also recognized by Eurocode-8 (2006), as a rigorous and well-established 

alternative to Houser (1957) mechanical impulsive mass method. In this method, the 

impulsive hydrodynamic pressure is modelled as series of added masses attached along 

tank wall via rigid springs. As the hydrodynamic pressure is distributed on the tank wall, 

the wall is divided to several segments and the pressure at each segment is calculated and 

modelled as an attached lumped mass 𝑚𝑖𝑚𝑝, determined via Equation (3.3). These added 

masses are attached to the tank wall in both vertical and circumferential directions via a 

connecting element (i.e. Multi-points constraints MPC link in ABAQUS adopted in this 

chapter) which can capture the impulsive pressures. Indeed, by utilizing the distributed 

added-mass method, the response of the liquid storage tank under horizontal loading can 

be captured more precisely (Virella et al. 2006).  

The convective mode is mostly uncoupled from and independent of the impulsive 

mode, and can have less impacts on the overall response of the liquid storage tank under 

horizontal loading, and thus many previous studies ignored the convective mode of liquid 

in the add-mass approach for the sake of simplicity (e.g. Virella et al. 2006; Buratti and 

Tavano 2014). However, in this study, the convective mass was included by using spring-



51

mass method recommended by API-650 (2007) for the sake of accuracy and reliability to 

capture extra forces and bending moments in the foundation-structure system. Thus, the 

impulsive and convective modes were both captured in the numerical modelling to assess 

the seismic behaviour of LNG tank and details are presented below.

Figure 3.5 Proposed mechanical model used for FSI modelling in this chapter.

As explained in Eurocode-8 (2006), the impulsive component of the 

hydrodynamic pressure (𝑝𝑖𝑚𝑝) and can be given by the following expressions, to obtain 

the distributed impulsive masses 𝑚𝑖𝑚𝑝: 

𝑝𝑖𝑚𝑝(𝜉, ς , 𝜃, 𝑡) = 𝐶𝑖𝑚𝑝(𝜉, ς) 𝜌 𝑅 ∗ 𝐴𝑔(𝑡) (3.1)

𝐶𝑖𝑚𝑝(𝜉, 𝜍) = 2𝛾 ∑
(−1𝑛)

(𝐼1 (
𝑣𝑛
𝛾 ))𝑣𝑛

2

𝑐𝑜𝑠(𝑣𝑛 𝜍 )𝐼1 (
𝑣𝑛
𝛾
𝜉 )

∞

𝑛=0

(3.2)

𝑚𝑖𝑚𝑝 =
𝑝𝑖𝑚𝑝 ∆ℎ

𝐴𝑔(𝑡)

(3.3)

where 𝜉= 𝑟/𝑅 and 𝜍=𝑧/𝐻𝐿 are the coordinates “non-dimensional”, 𝑅 is the radius of the 

tank, 𝑟, 𝜃, 𝑧 are components of cylindrical while the 𝑧 axis is vertical, t is time, 𝐶𝑖𝑚𝑝 is 

impulsive pressure distribution coefficient, 𝜈𝑛=((2𝑛+1)/1) 𝜋, 𝛾=𝐻𝐿/𝑅 𝐼1, 𝐼1 are

mathematical functions “the modified Bessel functions” of order 1 and its derivative, 

respectively, 𝐴𝑔(𝑡) is the ground acceleration in the free-field condition, and 𝜌 is the mass 
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density of the liquid. Indeed, Equation (3.3) was used to determine the lumped mass at 

each interior node of the inner tank, where ∆ℎ is the distance between the adjacent nodes 

along the tank wall elevation. 

The convective hydrodynamic pressure was modelled using a spring-mass 

technique based on Houser (1957) framework, in line with the procedure adopted by 

several codes and regulation such as API-650 (2007). In this method the first convective 

mode of vibration is considered only in terms of a single convective mass (i.e. Mcon) 

attached with the inner tank at a specific height equal to Hcon (the centre of action or 

effective height of the convective mass) via springs with a stiffness equal to Kcon, where 

in this study the springs connecting the mass to the tank wall in the horizontal direction, 

which is the direction of the applied earthquake load. The required parameters to capture 

the convective hydrodynamic effect can be determined using the following relations 

(API-650 2007): 

𝑀𝑐𝑜𝑛 = 0.23 
𝐷

𝐻
 𝑡𝑎𝑛ℎ (3.67 ∗

𝐻

𝐷
) ∗ 𝑀𝑡𝑜𝑡𝑎𝑙 

(3.4) 

𝐶𝑐𝑜𝑛 =  
0.578

√𝑡𝑎𝑛ℎ (3.68 ∗
𝐻
𝐷 )

(3.5) 

𝐾𝑐𝑜𝑛 = (2 ∗ 𝜋 ∗
𝑀𝑐𝑜𝑛

𝑇𝑐𝑜𝑛
)^2 (3.6) 

𝐻𝑐𝑜𝑛 = 
𝑐𝑜𝑠ℎ (3.68 ∗  

𝐻
𝐷 ) − 1 

𝑡𝑎𝑛ℎ (3.68 ∗  
𝐻
𝐷 )  𝑠𝑖𝑛ℎ (3.68 ∗ 

𝐻
𝐷)

(3.7) 

where, 𝑀𝑐𝑜𝑛 is convective mass, 𝑀𝑡𝑜𝑡𝑎𝑙  is the total liquid mass , 𝑇𝑐𝑜𝑛 is the convective 

period, 𝐶𝑐𝑜𝑛  is sloshing period coefficient, 𝐾𝑐𝑜𝑛 is the effective stiffness for the 

convective mode in N/m, 𝐻𝑐𝑜𝑛 is the convective mass height, and H and D are the tank 

liquid height and radius, respectively.  
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3.4.3 Modelling of the soil deposit and the piles 

The LNG tank sits on a 30 m deep class Ce clayey soil underlain by a strong class 

Bedrock, and the adopted soil mechanical properties are summarized in Table 3.2 These 

properties were obtained from actual in-situ and laboratory experiments and therefore 

they have merits over the assumed parameters. It is assumed that the water table is below 

the bedrock level. A simplified equivalent linear method based on Seed and Idriss (1969) 

was adopted in this chapter, which is a common simplified method adopted by practicing 

engineers to capture the shear strain compatible soil stiffness, capturing the soil 

nonlinearity in an average sense (Fatahi et al. 2018). In this method, a trial and error 

process utilising soil backbone curve were used to find the damping ratio and shear 

modulus of the soil corresponding to the maximum shear strain experienced by the soil. 

Thus, the adopted equivalent stiffness value for the soil is different for each earthquake 

record and foundation option, as the soil stiffness depends on the cyclic shear strain 

created in the soil deposit. In this chapter, after several trial and errors, the maximum 

shear strain in the soil deposit for LNG tank was obtained and is reported in Table 3.3 for 

both 1994 Northridge and 1995 Kobe earthquakes. The corresponding shear modulus 

reduction factors and damping ratios were obtained based on the backbone curves 

reported by Sun et al. (1988) (see Figure 3.6). It should be noted that Rayleigh damping 

model was used to consider variations of soil damping during the earthquake excitations 

with adopted mass damping factor (α) and stiffness damping factor (β) reported in Table 

3.3. The linear brick element, with reduced integration (C3D8R) solid elements were used 

to simulate the soil. Indeed, these linear elements are not stiff in bending, which is not 

critical for soil modelling, and the use of the reduce integration calculation scheme in 

these elements could facilitate the soil behaviour with acceptable computational cost 

(Dong et al. 2016), as these elements use less integration point in each direction than fully 
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integrated elements (i.e. These linear elements have only single integration point located 

in the element centroid). Moreover, the CIN3D8 (8-node linear one-way infinite brick) 

elements were used to represent the far-field soil, and these elements allowed the model 

to absorb the energy from the “unbounded” surrounding soil domain while the horizontal 

deformations were also simulated accurately. 

Table 3.2 Soil properties adopted in this chapter.

Soil properties Symbol Unit Value Reference

Mass density 𝜌𝑠𝑜𝑖𝑙 kg/m3 1731
Tabatabaiefar 

and Fatahi 

(2014); Rahvar 

(2006)

Shear Wave Velocity Vs m/s 320

Poisson’s ratio v - 0.39

Maximum shear modulus Gmax MPa 177.3

Plasticity Index PI % 20

Figure 3.6 Backbone for cohesive soils (data from Sun et al. 1988).
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Table 3.3 Adopted equivalent stiffness and damping values for the soil for different 
earthquakes and foundation options. 

Ea
rth

qu
ak

e Foundation 
option 

Maximum 
shear 

strain in 
the soil 
(𝛾𝑚𝑎𝑥) 

Adopted compatible 
Adopted 
Rayleigh 
damping 

parameters 

Re
fe

re
nc

e 

shear 
modulus 
ratio of 
soil (𝐺/
 𝐺𝑚𝑎𝑥) 

damping 
ratio of 

soil 
(𝜉) 

19
94

 N
or

th
rid

ge
 

Ea
rth

qu
ak

e 

Frictional pile 
with L= 20 m 0.40% 0.39 16.0% 𝛼 = 3.39 

β =0.0057 

Su
n 

et
 a

l. 
(1

98
8)

 

Frictional pile 
with L= 20 m 0.34% 0.42 17.3% 𝛼 =3.67 

β =0.0061 
End-bearing 
pile with L= 
30 m 

0.29% 0.42 18.0 % 𝛼 = 3.81 
β =0.0063 

19
95

 K
ob

e 
Ea

rth
qu

ak
e 

Frictional pile 
with L= 20 m 0.54% 0.32 17.0% 𝛼 = 3.61 

β =0.00608 
Frictional pile 
with L= 20 m 0.50% 0.33 17.5% 𝛼 = 3.71 

β =0.00618 
End-bearing 
pile with L= 
30 m 

0.45% 0.35 18.7% 𝛼 =3.96 
β = 0.0066 

For simulating the piles, allowing convenient determination of bending moments 

and shear forces, hybrid method was used by embedding a flexible beam element into the 

centre of the solid pile element, as reported by other researchers (Rasouli and Fatahi 2019; 

Banerjee et al. 2014). Hence, each pile was modelled using C3D8R linear brick element 

with an embedded flexible linear beam element B31, where the flexural stiffness (EI) of 

the beam inside the pile was set as 1,000,000 times less than the pile flexural stiffness, 

so, it does not affect the pile structural response. Additionally, the elastic-perfectly plastic 

constitutive model was used to simulate the solid element of pile elements, thus the pile 

was modelled to behave elastically until the yielding stress in the concrete solid element 

would be reached, which is equals to the compressive strength of the C40 concrete, as 

recommended by Shing and Tanabe (2001). 
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3.4.4 Modelling of interfaces, boundary conditions and adopted 

earthquakes 

The contacts were defined between the raft, the piles and the soil deposit to 

consider any possible sliding or separation of these structural parts from the surrounding 

soil during the earthquake excitations. Since the contact pair approach was used, 

contacting surfaces needed to be defined as a “master surface” and a “slave surface”. In 

this chapter, the soil surfaces around the piles, and at the frictional pile toes were 

considered as a master surface while the pile surfaces were considered as the slave 

surface. Additionally, the raft foundation (i.e. the outer tank slab foundation) was tied to 

the piles head via tie connection constraints, and was in a contact with the soil surface 

(the soil was defined as master surface while the bottom surface of the raft foundation 

was adopted as the slave surface). The hard contact algorithm was used to simulate the 

interaction of surfaces in the normal direction, which allowed separation of surfaces with 

zero tension capacity. The tangential behaviour of the interfaces followed the classical 

frictional model, utilising the coefficient of friction of µ= 0.3, that corresponds to an 

interface friction angle of 19°. Regarding to the boundary conditions during the static 

analysis prior to the application of earthquake, the gravity load was applied, and the 

bottom of the soil deposit was fixed in all directions, and the vertical movements were 

allowed in the side boundaries, while the displacements normal to the side boundaries 

were prevented. However, during the dynamic analysis, when earthquake loads were 

applied, the one way 8 nodes infinite elements CIN3D8 were introduced on the side 

boundaries replacing the initial roller boundaries. These infinite elements represented the 

far-field soil; they are used to absorb the energy from the unbounded soil area (see Figure 

3.4). These infinite elements were implemented to allow the vertical wave propagation 

through the soil medium, while preventing side waves from reflecting back into the 
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model. The dynamic response of these elements is governed by the following equation of 

motion: 

𝜌 �̈�𝑖 = 𝐺 
𝜕2𝑢𝑖

𝜕𝑥𝑖𝜕𝑥𝑗
+ (𝜆 + 𝐺)

𝜕2𝑢𝑗

𝜕𝑥𝑖𝜕𝑥𝑗

(3.8) 

The damping of the infinite boundary in the normal and shear directions is described by 

Equation (3.9): 

𝑑𝑝 = 𝐺
𝜆 + 2𝐺

𝑐𝑝
;

(3.9a) 

𝑑𝑠 =  𝜌𝑐𝑠 (3.9b) 

where ρ is the soil density, G and λ are Lame’s constants, cp and cs are the velocities of 

the compression wave and shear wave, respectively, dp and ds are the distributed damping 

of the boundary in the normal and shear directions, respectively, uj is the particle 

displacement, xi and xj are the positions of noted i and j, respectively. It should be 

mentioned that the detailed inspection of the numerical results revealed that ground 

surface motions near the lateral boundaries closely matched the free-field ground motion, 

confirming the suitability of the adopted boundary conditions. The summary of the 

adopted elements used in this chapter are presented in Table 3.4. It should be note that 

the entire model was composed of 236848 elements and 263918 nodes and UTS 

Interactive High-Performance Computing facility (with 64 Cores and 515 GP Memory 

capacity) was used to run the simulations.   

The settlements of the LNG tank under static gravity loading (prior to applying 

earthquake) from numerical model are 27.5 mm, 73.6 mm and 118.7 mm for 30 m long 

end-bearing, 25 m and 20 m long frictional pile-raft foundations, respectively. Two strong 

near field earthquakes adopted and applied in the horizontal direction, at the bedrock level 

below the soil deposit, were the 1994 Northridge and 1995 Kobe earthquakes with 

acceleration records shown in Figure 3.7. 
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Figure 3.7 Adopted earthquake time histories in terms of the ground accelerations for 

(a) 1994 Northridge earthquake and (b) 1995 Kobe earthquake.
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Table 3.4 details of the finite element types used in this chapter.

Part 
instance

Elemen
t name

Element 
type

Other features Typical Illustration 

Soil Brick-8 
(C3D8
R)

8-node 
brick. 

First order 
(Linear), 
reduced integratio
n, and hourglass 
control.

Continuum solid element

Boundary 
Soil (free 
field 
boundary)

Brick-8 
(CIN3
D8)

8-node 
one-way 

infinite br
ick.

First order 
(Linear)3D 
infinite 
boundary element.

Infinite element

Inner tank, 
Outer 
tank, the 
raft, and 
the roof.

Thin 
shell-4 
(S4R)

4-node 
doubly 
curved 

thin shell.

First order 
(Linear) Finite 
membrane strains 
element, reduced 
integration, 
hourglass control.

Membrane shell element 

Pile Triangu
lar 
prism-6
(C3D6)

6-node 
triangular 

prism. 

First order 
(Linear) element

Triangular prism (wedges)

Pile hybrid 
beam

Beam -
2
(B31)

2-node 
linear 

beam in 
space.

Shear flexible 
beam.

Beam element
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3.5 Results and discussion 

The free vibration analysis is conducted to verify the mechanical model 

implemented to model the liquid inside the tank. Besides, it is considered as an initial 

investigation for the foundation option effects on the dynamic properties of the LNG tank 

system. 

3.5.1 Free vibration analysis 

The modal analysis was performed on the fixed base LNG tank and the LNG tank 

on different foundation options using Block Lanczos algorithm, and thus the fundamental 

periods for the different foundation cases were determined. Indeed, the first impulsive 

and convective modes of the LNG liquid for fixed base condition (i.e. Excluding SFSI) 

were determined and corresponding periods were compared with the analytical solution 

presented in API-650 (2007) captured by Equation (3.10) and (3.11): 

𝑇𝑐𝑜𝑛 = 1.8 ∗ 𝐶𝑐𝑜𝑛 ∗ √𝐷 (3.10) 

𝑇𝑖𝑚𝑝 = 𝐶𝑙
𝐻𝐿

√2000
𝑡𝑢
𝐷

 √
𝜌

𝐸

(3.11) 

where, 𝐶𝑐𝑜𝑛 is sloshing period coefficient [explained in Equation (3.5)], 𝐶𝑙 is the 

coefficient for determining the impulsive period of tank system which depends on the 

H/D ratio, and could be obtained from API-650 (2007), tu is the equivalent uniform 

thickness of the tank wall in mm, HL is the fluid design level in meter, D is the diameter 

of the tank in meter, E is the modulus of elasticity of the inner tank in MPa, ρ is the fluid 

density in kg/m3, which was assumed to be 470.9 kg/m3 for LNG.  

The natural periods of inner tank for the first convective and impulsive modes 

obtained and summarised in Figure 3.8 and Table 3.5. It can be noticed that the first 
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convective mode is related to the horizontal vibration of the convective mass attached 

with the horizontal springs, where the first impulsive mode is related to the liquid-shell 

vibration mode; usually, the impulsive mass vibrates in a beam type mode, while the tank 

shell vibrates in number of circumferential and axial waves, but here the tank shell 

vibrated as a beam type mode simultaneous with the impulsive vibration mode in the 

horizontal direction as impulsive masses were attached with rigid links to the inner tank 

wall.

Figure 3.8 Impulsive and convective masses oscillations for the proposed mechanical 

model used in this study: (a) Impulsive mode, and (b) convective mode.

It can be noticed from Table 3.5 that the natural periods obtained from the 

numerical model for both the first impulsive and convective masses are in good agreement 
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with the analytical solutions presented in API-650 (2007). Therefore, the mechanical 

model proposed for the LNG tank to capture the FSI effects is suitable to investigate 

behaviour of the LNG tank with different foundation options. Consequently, the three 

piled raft foundation cases, i.e. end-bearing piles which are 30 m long, and the frictional 

piles with 25 m and 20 m length were used to conduct modal analysis and obtain the 

corresponding fundamental periods. 

Table 3.5 Evaluation the fundamental periods of vibration obtained from numerical model 
and analytical solution. 

Method of calculation FEM prediction (this 
chapter) 

API-650 (2007) 
Estimation 

Impulsive fundamental period 
𝑇𝑖𝑚𝑝 (sec) 

0.17 0.18 

Convective fundamental period 
𝑇𝑐𝑜𝑛 (sec) 

11.77 10.37 

Figure 3.9 represents the fundamental modes of vibration for each foundation case 

including SFSI. It is found that the first convective vibration mode was not affected by 

SFSI. While the fundamental impulsive vibration mode was impacted by SFSI. Figure 

3.9 show that when the impulsive mode occurred, the whole LNG structure (i.e. the inner, 

outer and piles foundation) vibrated in the horizontal direction. Referring to Table 3.5, 

the first convective period of the tank is significantly higher than the corresponding first 

impulsive period. Indeed, Figure 3.10 show the response spectrum of the adopted 

earthquakes, where the fundamental mode of vibration for the coupling effect of the FSI 

and SFSI is more impacted by the first impulsive mode of LNG which located in the short 

period range while the first convective mode located in long period with very small 

spectral acceleration.  
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Figure 3.9 The fundamental vibration mode shape for LNG tank with different foundation 
options: (a) End-bearing piled-raft foundation with pile length of 30 m, (b) Piled-raft 
foundation with pile length of 25 m, and (c) Piled-raft foundation with pile length of 20 
m.
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Figure 3.10 Response spectrum derived from the motion of foundation slab with 5% 

damping ratio under (a) 1994 Northridge Earthquake, and (b) 1995 Kobe earthquake. 

Table 3.6 reports the natural periods of the LNG tank for three different 

foundation cases under both 1994 Northridge and 1995 Kobe earthquakes; as some of the 

soil properties were different for each earthquake the natural period for both earthquakes 

were reported. In general, the natural period of the LNG tank with the pile foundation 

increased significantly compared with fixed base case. 

Table 3.6 Alterations of natural periods of LNG tank with different foundation types.

1994 Northridge 
Earthquake 

1995 Kobe Earthquake 

Foundation condition Mode 1 
(T1) 

Mode 2 
(T2) 

Mode 1 
(T1) 

Mode 2 
(T2) 

Frictional pile with L= 20 m 0.678* 0.628 0.740* 0.688 

Frictional pile with L= 25 m 0.667* 0.6267 0.731* 0.687 

End-bearing Pile with L= 30 m 0.657* 0.625 0.728* 0.685 

Fixed Base Tank 0.167* 0.158 0.167 * 0.158 

* The fundamental natural period (sec)

 Moreover, referring to Table 3.6, it can be seen that the dynamic response of the 

LNG tank was affected by the pile length and load bearing mechanism of the foundation. 
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For example, when the pile length increased, the system stiffness increased as more soil 

being replaced by concrete while the mass of the soil-structure system remained more or 

less similar, and consequently the natural period of the system decreased. Thus, it is 

essential to include the SFSI when conducting dynamic analysis of LNG tanks, as SFSI 

alerts the dynamic properties of the LNG tank system, directing different seismic forces 

to the structural elements. 

3.5.2 Nonlinear time history results 

The seismic analysis results were extracted and compared in terms of the response 

spectrum, tanks maximum acceleration profile, inner tank wall maximum structure 

response, and the pile seismic response (i.e. lateral displacements, shear forces and 

bending moments developed along the pile). 

3.5.2.1 Response spectrum  

Figure 3.10 illustrates the acceleration response spectrum of LNG tank based on 

the earthquake records arrived at the foundation slab level for the 1994 Northridge (Figure 

3.10a), and the 1995 Kobe (Figure 3.10b) earthquakes. It is clear that by including the 

local site effect, the amplification in the spectral acceleration occurred, especially in 

period ranging from 0.5 to 2 seconds, where the LNG tank (soil-structure system) 

fundamental period is placed. Referring to Figure 3.10, the amplification in the spectral 

acceleration in some period ranges were slightly higher for the end-bearing pile 

foundation, in comparison to the other two foundation options. Moreover, the 

fundamental natural period for the end-bearing pile foundation is less than the frictional 

pile foundation; this means with stiffer foundation (e.g. end-bearing pile), more seismic 

energy can be transmitted to the superstructure compared with the more flexible 

foundation (e.g. frictional pile foundations). In addition, increasing the pile length in the 
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pile-raft foundation resulted in a minor increase in the spectral acceleration, and together 

with slight shortening of the structural period, resulted in the increased seismic energy 

transmitted to the superstructure.  

3.5.2.2 Maximum tank acceleration profile  

The maximum acceleration profiles for both the inner 9% Ni steel and outer RC 

tanks for the different foundation types were extracted and compared in Figure 3.11 and 

Figure 3.12. It should be noted that the acceleration profile was extracted along the tank 

wall when the maximum acceleration occurred at the top of the inner and outer tank walls 

in X direction at polar coordinate 𝜃 = 0° (parallel to the direction of applied earthquake). 

    Figure 3.11 shows the inner 9% Ni steel tank wall maximum acceleration under 1994 

Northridge (Figure 3.11a) and 1995 Kobe (Figure 3.11b) earthquakes. As evident, the 

acceleration at the top of inner tank wall under 1994 Northridge earthquake increased by 

25% and 13% when the foundation option changed from the frictional pile-raft with pile 

length 20 m to the 30 m long end-bearing pile and 25 m long frictional pile-raft, 

respectively. Similarly, for 1995 Kobe earthquake, the acceleration at the top of inner 

tank wall increased by 34% and 29% when the foundation option changed from the 

frictional pile-raft with pile length 20 m to the 30 m long end-bearing pile and 25 m long 

frictional pile-raft condition, respectively. In general, the acceleration profile for the inner 

tank varied along the tank height significantly. Similar observations were made for the 

outer RC tank as shown in Figure 3.12, where the maximum acceleration at the top of the 

outer RC tank wall was increased by about 16.5% and 23% when the foundation option 

changed from frictional pile-raft with pile length 20 m condition to the 30 m long end-

bearing under the 1994 Northridge and the 1995 Kobe earthquakes, respectively.  
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Figure 3.11 Maximum horizontal acceleration profile along inner 9% Ni steel tank wall for 

different foundation options subjected to (a) 1994 Northridge earthquake at t = 4.2 sec and (b) 

Kobe earthquake at t = 5.8 sec.

Figure 3.12 Maximum horizontal acceleration profile along outer tank wall for different 

foundation options subjected to (a) 1994 Northridge earthquake at t = 4.2 sec and (b) Kobe 

earthquake at t = 5.8 sec.
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Figure 3.13 shows the horizontal acceleration distribution of the inner 9% Ni steel 

tank at 11 m elevation (at the convective mass level). In general, the acceleration 

distributes in the horizontal direction in maximum value at the horizontal line where θ =

0 ͦ and 180 ͦ , while it decreases when it moves toward θ = 90 ͦ . The maximum acceleration 

increased from the friction pile with 20 m length to end-bearing pile with pile length 30 

m by 15 % and 65% for both 1994 Northridge and 1995 Kobe earthquakes, respectively. 

Figure 3.13 The horizontal acceleration of the at the cross section of the inner 9% Ni steel tank 

wall at 11 m elevation for different foundation options subjected to (a) 1994 Northridge 

earthquake at t = 4.2 sec and (b) Kobe earthquake at t = 5.8 sec.
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Due to local site effect the acceleration of earthquake shear wave developed at the 

foundation slab has been amplified at the natural period of the soil-structure system 

resulting in the increase in Sa (i.e. approximately 3 times and 1.5 times under 1994 

Northridge and 1995 Kobe earthquakes) as shown in Figure 3.10. Furthermore, the 

relatively high stiffness and self-weight (comparing to other normal structures such as 

residential buildings) leaded a higher acceleration, comparing to the input earthquake 

PGA, developed at the top of tank as Figure 3.11 presented (i.e. 5 – 6 g and 3 – 4 g for 

system excited by 1994 Northridge and 1995 Kobe earthquakes). According to Table 3.5 

and Figure 3.10, Sa at fundamental period of soil-structure system under two different 

earthquakes are similar, which implies that the difference in maximum horizontal 

acceleration developed in the tank could be due to the effects of higher dynamic structural 

modes during earthquake. The increase trend of horizontal acceleration developed in tank 

due to change of foundation types (see Figure 3.11) follows the trend observed Figure 

3.10, which is fundamentally due to the change in the natural period of the soil-structure 

system referring to Table 3.5. 

As expected, the FSI (the presence of convective mass) has significant impact on 

the dynamic response of inner steel tank but less influence on the behaviour of outer RC 

tank, which highlights the importance of including the effects of FSI in large tank design. 

Comparisons show the difference in both inner steel and outer RC tanks accelerations 

between the foundation options, the end-bearing piles foundation option show the highest 

acceleration response comparing with frictional piles foundation, particularly for the 

outer tank; this indicates that with the more rigidity foundation option more seismic force 

transfer for LNG tank superstructure which need to be considered further in the LNG tank 

design. 
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3.5.2.3 The maximum structural response of the inner LNG tank walls 

The safety of the steel shells of cylindrical liquid storage tanks, in general, related 

to their capacity against different failure modes. Where the shell buckling is the main 

failure mode for ground supported steel tanks (Brunesi et al. 2015; Dogangun et al. 2009). 

The demand requirements for the steel tanks related to the hydrodynamic forces which 

exert further hoop and axial forces in the steel tank wall and can cause the shell buckling. 

Thus, the axial force and the hoop force for circumferential unit width of the tank and 

radial displacements of the inner tank wall presented and discussed below for the different 

foundation options.  

Dynamic hoop forces generated in the inner tank wall during earthquakes are 

induced by the liquid inertial forces applied to the tank, which are combination of 

impulsive and convective forces. These dynamic hoop forces are sensitive to geometry 

and thickness of tank wall shell, and if the exerted forces on the tank wall exceed the shell 

capacity, permanent deformation of the tank wall will be observed. Particularly, for the 

open top tank, the top of tank walls can potentially undergo sever damage (Spritzer and 

Guzey 2017). Shell buckling is the main failure mode for ground supported steel tanks. 

In particular, the elephant’s foot buckling as a result of hydrodynamic or hydrostatic 

forces in the shell wall can occur when the tensile hoop forces and the axial compressive 

forces at the base of the tank (where these forces are the maximum) exceed the yield stress 

limit of the tank wall, resulting in elastic-plastic deformations. Moreover, when the thin 

shell wall buckles at the mid or the top section of the tank wall, a diamond shape buckling 

can occur. It should be noted that to meet the low temperature requirements for the LNG 

storage, special high strength steel material (i.e. 9% Ni steel) is used to meet the ductility 

requirements at low temperatures. The choice of the shell wall thickness is also governed 

by the welding issues to connect different sections of this cryogenic container to prevent 
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the possibility of brittle fracture in this sensitive tank (Kern et al. 2007).   Figure 3.14

shows the distribution of the hoop forces for the inner LNG tank wall under 1994 

Northridge and 1995 Kobe earthquakes, respectively. Where the maximum hoop forces 

observed around the mid height of the inner LNG tank wall (i.e. convective mass height) 

at polar coordinate θ = 0˚ on the X-axis of the tanks and occurred at t = 4.2 sec under 

1994 Northridge and t = 5.8 sec under 1995 Kobe earthquake. In general, the maximum 

hoop forces found for the end-bearing pile foundation option while the minimum was for 

the friction pile with pile length equal to 20 m. 

Figure 3.14 Distribution of the hoop forces in the tank wall at θ = 0˚: (a) 1994 Northridge 

earthquake at t = 4.2 sec and (b) Kobe earthquake at t = 5.8 sec.

For the axial forces (Figure 3.15) the maximum forces found at θ = 0˚ on the X-

axis in the lower part of the LNG inner tank wall; as this vertical force along the tank wall 

it was increased from the top to the bottom along the inner LNG tank wall. In addition, 

the maximum axial forces increased with the increasing of the pile length. The effects of 

the axial and hoop forces on the inner tank wall response can be noticed in the radial 
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displacements predicted along the tanks wall. Figure 3.16 shows the radial displacement 

of the inner tank wall at t = 4.2 sec under 1994 Northridge and t = 5.8 sec under 1995 

Kobe earthquake. The peak radial deformations were observed at the top of tank wall 

under 1994 Northridge earthquake (Figure 3.16a), and at the mid height of the tank wall 

for the 1995 Kobe earthquake (Figure 3.16b).  The hoop and axial forces developed in 

the inner steel tank due to the excitation of 1994 Northridge earthquake is generally 

greater than those due to 1995 Kobe earthquake; a similar trend is also overserved in the 

distribution of acceleration (see Figure 3.13). The un-uniform distribution of axial and 

hoop forces along inner steel tank is mainly due to the un-uniform distribution of 

horizontal acceleration caused by the effect of FSI, which then results in the pattern of 

radial displacement shown in Figure 3.16. The un-uniformity of displacement distribution 

along the height of tank confirms that buckling is the potential failure mode.

Figure 3.15 Distribution of the axial forces in the tank wall at θ = 0˚: (a) 1994 Northridge 

earthquake at t = 4.2 sec and (b) Kobe earthquake at t = 5.8 sec.
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Figure 3.16 Distribution of the radial displacement along the inner tank wall height level of the 

three foundation options at θ = 0˚ for (a) 1994 Northridge earthquake at t = 4.2 sec and (b) Kobe 

earthquake at t = 5.8 sec.

The stress distribution of the 9% Ni steel inner tank wall is extracted and 

represented in Figure 3.17, for both 1994 Northridge (Figure 3.17a), and 1995 Kobe 

(Figure 3.17b) earthquakes when the maximum structural response was observed. The 

stress distribution is mainly affected by the hydrodynamic forces acting on the tank wall, 

while the maximum stress accoutred at the convective mass level. Figure 3.17a represents 

the maximum von Mises stress value for the 1994 Northridge earthquake which is 

exceeded the yield stress of the 9% Ni steel, as the stress-strain curve of the 9% Ni steel 

material represented in the Figure 3.17, for all foundation option, and it is significantly 

increased from frictional pile with pile length 20 m option (i.e. 516 MPa) to end-bearing 

pile with pile length 30 m (643 MPa) with 25 %; as the deformation on the inner tank 

wall is apparent in the end-bearing pile foundation option compared with the other two 

options. Figure 3.17b, represents the maximum von Mises stress value for the 1995 Kobe 
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earthquake which is exceeded the yield stress of the 9% Ni steel for all foundation option, 

it should mention that the difference in the von Mises stress was less significant among 

the foundation options under the 1995 Kobe earthquake, as the maximum von Mises 

stress increased from frictional pile with pile length 20 m option (i.e. 516 MPa) to end-

bearing pile with pile length 30 m (538 MPa) with 6 %.

Figure 3.17 The maximum von Mises stress distribution on the inner 9% Ni steel tank wall and 

the location of the maximum stress on the stress- strain curve for 9% Ni steel under (a) 1994 

Northridge earthquake at t = 4.2 sec and (b) Kobe earthquake at t = 5.8 sec.
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3.5.2.4 Seismic response of pile foundation 

To examine the impacts of foundation types on the response of piles in the group, 

the pile in the outermost ring of piles in Y direction as shown in Figure 3.18 is selected. 

When the maximum response (i.e. displacement) at the pile head occurred, the lateral 

displacement, shear force, and bending moment profiles along the pile length were 

recorded and reported as shown in Figure 3.18, Figure 3.19 and Figure 3.20. For the sake 

of convenient comparison, the normalized pile length (z/L, where z is the depth from the 

pile head and L is pile length) is reported.  

 Referring to Table 3.4 and Figure 3.9, as the pile length increased, the natural 

period of LNG tank decreased, and thus the end-bearing pile foundation directed the 

highest seismic energy to the system and thus resulted in maximum seismic response as 

observed in Figures 3.18-3.20. According to Figure 3.18, the maximum later deflection 

of the pile increased from 183 mm to 260.7 mm (i.e. 42% increase) and from 164 mm to 

289 mm (i.e. 76% increase) when the pile length increased from 20 m in the frictional 

pile-raft to 30 m in the end bearing pile under the 1994 Northridge and the 1995 Kobe 

earthquakes, respectively. Figure 3.19 and Figure 3.20 show the shear force and bending 

moment envelopes along the pile length. It is clear that among all foundation options, the 

end-bearing pile foundation resulted in the maximum shear forces and bending moments 

in the piles. It should be noted that the seismic actions in the piles are due to kinematic 

and inertial interactions. According to Kramer (1996), kinematic interaction is induced 

by the inability of the foundation to match the deformation of the surrounding soil; and 

this type of interaction can alter the motion and vibration modes of the superstructure 

during earthquake. The inertial interaction however is due to the foundation movement 

introduced by the compliance of supporting soil, which is triggered by the mass of 

superstructure. Since the direct method of analysis was employed in this study, capturing 
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the kinematic and inertial interactions were inherent in the analysis and were considered 

in the fully coupled fashion. 

Figure 3.18 Maximum lateral pile displacement for different foundation types along the 

normalized pile length subjected to (a) 1994 Northridge earthquake at t = 4.2 sec and (b) Kobe 

earthquake at t = 5.8 sec.

The notable shear forces and bending moments in the top portion of the pile were 

generated mainly due to the inertial interaction stemmed from the motion of the LNG 

tank, and generally the impacts reduced with depth rapidly, whereas, the considerable 

bending moments and shear forces in the bottom portion of the piles were fully induced 

by the kinematic interaction due to the different movements between the piles and the soil 

during the seismic wave propagation as the inertial interaction could not reach there given 

the long length of the piles in this study (i.e. 20 m, 25 m and 30 m).
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Figure 3.19 Maximum shear force profile imposed on the pile for different foundation types 

along the normalized pile length subjected to (a) 1994 1994 Northridge and (b) 1995 Kobe 

earthquakes.

By comparing the shear forces of the piles at ground surface level as reported in

Figure 3.19, it can be noticed that the end-bearing pile foundation experienced 75% and 
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85% more shear forces than the 20 m long frictional pile-raft foundation, for the 1994 

Northridge and the 1995 Kobe earthquakes, respectively. While increasing frictional pile 

length from 20 m to 25 m resulted in the amplification of the shear force on the pile head 

by 15% and 30% for 1994 Northridge and 1995 Kobe earthquakes, respectively. Indeed, 

the pile length and the “load-bearing mechanism” modifies the shear forces distributed 

along the pile; as collective kinematic and inertial interactions can impact the loads 

created along the pile elements. Similar observation can be made in Figure 3.20 for 

bending moments, where the bending moment of the pile at ground surface increased by 

53% and 76% when the pile length enlarged from 20 m in frictional pile-raft to 30 m in 

end-bearing pile-raft under the applied earthquakes. The corresponding amplification in 

the bending moments were 31% and 35% when the pile length increased from 20 m to 25 

m for the frictional pile-raft foundation under the applied earthquakes. Further, due to the 

change in load bearing mechanism (i.e. from frictional to end-bearing) the kinematic 

loads near pile toes increased, typically in terms of bending moment. This is due to the 

fact that the fixity at the toe of end-bearing pile inherently creates more stiffness/rigidity 

near pile toe resisting the movement of surrounding soil comparing to frictional piles 

whose toe should be flexible (i.e. easier to follow the movement of soil) during 

earthquake, which consequently cause more kinematic loads developed in end-bearing 

pile. The results also highlight the importance to adopt direct method in capturing 

appropriate inertia and kinematic effects on piles, as it is not readily for other methods 

such as sub-structural method to determine the effects. 
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Figure 3.20 Maximum bending moment profile along the normalized pile length due for different 

foundation types subjected to (a) 1994 Northridge and (b) 1995 Kobe earthquakes.
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3.6 Summary 

A three-dimensional numerical model employing ABAQUS (2018) was created to 

conduct nonlinear time-history analyses for different pile foundation options supporting 

the LNG tank considering both the FSI and the SFSI effects. Finite element analyses were 

performed in terms of free vibration analysis using the Block Lanczos algorithm to obtain 

dynamic properties for each LNG tank foundation option and verify the FSI system. 

Moreover, the time history analysis was conducted using benchmark earthquake records 

considering both material and geometric nonlinearities in one analysis step (e.g. direct 

numerical technique). Spring-mass and added mass mechanical models were adopted to 

capture the FSI effects. The linear kinematic hardening rule was used to represent the 

inelastic behaviour of the steel inner tank, where the concrete damage plasticity model 

was used for simulation of the outer reinforced concrete containment. Interfaces were 

assigned to the boundaries of the soil and foundation to capture possible foundation 

sliding and gaping from the soil during the seismic loading. In this part of research, a 

simplified equivalent linear method was adopted to capture the soil nonlinearity in an 

average sense. At the same time, the Rayleigh damping model was also used to capture 

soil damping during the earthquake excitations. Appropriate infinite boundary elements 

were used at lateral boundaries to ensure the non-reflection of the seismic waves back to 

the model. at the bottom of the model, a rigid boundary condition was adopted to represent 

the firm bedrock. The earthquake input motions were applied at the bedrock horizontally 

and allowed to propagate upward through the entire model. 

The effects of pile foundation type and load transmission mechanism (e.g., end-

bearing versus frictional pile-raft foundation types) and frictional pile length were 

explicitly examined. The results demonstrated that consideration of SFSI was vital since 

it alerted the dynamic properties of LNG tanks built on all the adopted foundation types. 



81 

For example, the spectral acceleration and system natural period changed slightly for end-

bearing pile foundation compared with assuming fixed base condition for LNG tank. In 

addition, with the LNG tanks on the end-bearing pile foundation, spectral accelerations 

were more considerable than the other two frictional pile foundation types.  

It has been observed that the end-bearing pile foundation (e.g. the stiffer foundation 

system) transferred more seismic energy toward the LNG tank than the other two pile-

raft foundation choices investigated in this study. Moreover, increasing frictional pile 

length for the pile-raft foundation option resulted in increasing SFSI effects, thus, 

transferring more seismic forces to the piles and superstructure. Moreover, increasing the 

kinematic and inertial interaction effects along the pile foundation with increasing the 

frictional pile length highlighted the importance of using the direct technique of analysis 

for the LNG tank and its foundation system under seismic load. 
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CHAPTER 4 ASSESSMENT OF THE KINEMATIC 
HARDENING MODEL CAPABILITY TO CAPTURE 

THE SEISMIC WAVE PROPAGATION 
IN SATURATED CLAY DEPOSIT 

4.1 General 

In this chapter, a simple nonlinear kinematic hardening (NKH) model, originally 

developed for cyclic behaviour of metals, commonly used by structural engineers and 

available in ABAQUS, is adopted to capture the soil stiffness degradation and damping 

variations with cyclic shear strain. Performance of this model is assessed by conducting 

a three-dimensional finite element analysis in the time domain for different site classes 

and earthquake records. Three soil deposits are adopted and classified based on the shear 

wave velocity as Site Classes C, D and E with corresponding shear wave velocities equal 

to 564 m/s, 270 m/s and 160 m/s, respectively. Moreover, 1994 Northridge, 1995 Kobe, 

1940 El-Centro and 1979 Imperial Valley earthquakes are used in their original state as 

well as scaled to three different seismic demand levels and applied at the bedrock, while 

appropriate infinite boundaries are used to model the far-field soil and avoid reflection of 

the seismic waves back into the soil model. The seismic site response analysis is 

conducted and the performance of the nonlinear kinematic hardening (NKH) soil model 

for site response analysis is assessed through predicting shear stress – strain response, 

ground surface acceleration and acceleration response spectrum. Additionally, the 

predictions adopting NKH model programmed in ABAQUS is validated against well-

known stiffness degradation and hysteresis damping (SDHD) soil model available in 

FLAC 3D. By comparing the nonlinear shear stress - strain response of the three soil 

deposits and different earthquakes, it can be observed that the nonlinear kinematic 
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hardening (NKH) model programmed in ABAQUS is capable of capturing the dynamic 

behaviour of the soil for the seismic wave propagation. 

4.2 Introduction 

Past earthquake events have highlighted importance of nonlinear stress- strain 

response of soil on variations of the seismic waves propagating within the soil medium 

particularly under strong ground motions (Trifunac and Todorovska 1996; Assimaki et 

al. 2005; Gičev and Trifunac 2019). Indeed, as the seismic waves propagate from the 

inception location as a result of fault rupture through the rocks layers, to local ground 

deposit and eventually to the foundation and the superstructure, the fundamental 

characteristics of the shaking may change significantly (Mylonakis et al. 1997; Gazetas 

and Ziotopoulou 2010; Assimaki and Shafieezadeh 2013). The response of the soil and 

variation of the seismic motion can impact performance of the superstructures particularly 

when site effects and soil-structure interaction aspects need to be captured. The process 

where the soil properties affect the seismic response of structure and vice-versa is referred 

to soil-structure interaction (Stewart et al. 1999). Many studies had highlighted the 

importance of soil characteristics on structural performance, where increasing the ground 

flexibility might introduce a translation and rotation of the foundation, which in turn 

amplify the displacement of the superstructure compared to the fixed-base condition 

(Kramer 1996; Mylonakis and Gazetas 2000; Gazetas and Apostolou 2004; Ma et al. 

2009; Figini et al. 2012) 

As explained by Wolf (1985), the free field motion which is the surface motion of 

the soil deposit is  diverse from the bedrock as a result of site effect, vibrations of the 

structure or scattering of seismic waves near or at the foundation interface. Indeed, 

importance of site effect and variations of seismic wave characteristics while passing 
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through the soil deposit was observed in many past earthquakes such as the 1995 Kobe, 

the 1994 Northridge, and 1989 Loma Prieta earthquakes, to name few, and caused 

extensive damage (Aki 1993; Şafak 2001; Assimaki and Gazetas 2004; Navarro et al 

2014; Anand and Kumar 2018).  

Several researchers used experimental method to assess the site effect impacts on 

the seismic wave propagation through soil medium, where different techniques were 

implemented, such as microtremor measurements  (Borcherdt 1970; Field and Jacob 

1995; Lermo and Chávez-García 1993; Lermo and Chávez-García 1994). Generally, 

previous experiments for site response analysis assessed the soft soils response at the 

ground surface in terms of frequency of resonance and maximum amplification factor at 

that frequency. On the other hand, many researchers have been conducting rigorous 

numerical modelling to obtain further insight into the seismic site effects, and understand 

how the level of the building damage depend on the manner at which the seismic wave 

was changed after passing through the soil medium, and how the different soil deposits 

can alert the potential damage for major superstructures, such as bridges, underground 

structures and dams (Furumura and Kennett 1998; Hartzell et al. 2002; Montalva et al. 

2016; Hattne et al. 2018). 

It should be mentioned that the numerical analysis of seismic wave propagation 

and site response analysis can be conducted through several numerical methods, such as 

finite difference method (Bohlen and Saenger 2006; Frankel and Vidale 1992; Moczo et 

al. 2002), boundary element method (BEM) (Beskos 1997; Bonnet 1999; Dangla et al. 

2005),  the spectral element method, finite volume method, and finite element method 

(FEM) (Hughes et al. 2008; Ihlenburg and Babuška 1995; Semblat and Brioist 2009). The 

vital components impacting the reliability of any of the above mentioned numerical 

methods in the seismic site response or seismic soil structure interaction analysis, is 
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accurate representation of the soil dynamic behaviour via appropriate constitutive models, 

where the shear stiffness and the energy damping need to be captured accurately (Dobry 

and Gazetas 1988; Novak 1991; El Naggar and Novak 1996; Mylonakis 2001).  

A key factor that any soil model needs to capture for accurate seismic wave 

propagation, is the shear stiffness degradation and the hysteresis damping amplification 

with the cyclic shear strain. Different researches have adopted different techniques to 

capture these nonlinearities and generally equivalent linear or fully nonlinear methods are 

adopted depending on the capabilities of the numerical code, computation time and 

available laboratory or field data to calculate the required parameters (Ghandil and 

Behnamfar 2015; Gičev et al. 2016) The equivalent linear method considers soil 

behaviour in an average sense; thus, it requires a trial and error procedure to find the 

compatible cyclic shear strain value for each earthquake record, and this method is 

sensitive to the applied seismic waves properties (Kontoe et al. 2014).  

However, for the rigorous nonlinear approach, a suitable constitutive model 

available in commercial software packages to be used by practicing engineers is required. 

This chapter aims to assess the suitability of the simple yet accurate nonlinear 

kinematic hardening (NKH) soil model to simulate the seismic wave propagation. This 

model which is developed to simulate nonlinear response of metals subjected to cyclic 

loading, is readily available in rigorous structural software packages and consequently, 

the structural engineers can implement this model in their seismic analysis for simulation 

of the soil, and easily simulate the entire soil-structure system in one step using direct 

method. In particular in this study, NKH soil model programmed in ABAQUS software 

is used for the seismic site response analysis in time domain for three different site classes 

(i.e. Site Classes C, D and E) according to IBC (2012) under the effect of four benchmark 

earthquakes, namely 1994 Northridge and 1995 Kobe earthquakes (near-field), and 1940 
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El Centro and 1979 Imperial Valley-06 earthquakes (far-field ), which were used in their 

original state as well as scaled to three different hazard levels.  The predictions in terms 

of shear stress – strain response, ground surface acceleration and acceleration response 

spectrum are verified against results from well established strain dependent hysteretic 

damping (SDHD) soil model available in FLAC3D software. 

4.3 An overview of NKH soil model  

The nonlinear kinematic hardening (NKH) model, available in ABAQUS, was 

adopted in this study to model the soil behaviour under cyclic loading. Originally, this 

model was developed for simulating behaviour of metals subjected to cyclic loading 

based on Armstrong and Frederick (1966) and Lemaitre and Chaboche (1994) work, 

while in this study it is evaluated and calibrated to be used for clay soils. This pressure-

independent plasticity model based on von Mises yield criteria, and associated flow rule, 

can be considered as an appropriate model for nonlinear cyclic behaviour of pressure 

independent material, such as clays under undrained condition. The undrained conditions 

can be applied as a reasonable simplification to simulate the soil response of saturated 

fine-grained soils with low permeability subjected to rapid loading such as earthquake, in 

which the excess pore water pressure dissipation would be insignificant, and soil volume 

remains constant.  

As explained by George et al. (2016) and Zhu (2019), the key parameters of this 

model are Young’s modulus, Poisson’s ratio, and stress - strain curve of stabilised loading 

cycle obtained from the triaxial shear test. The rate independent material behaviour is 

adopted in this model, which implements the additive rule for the total strain and written 

in terms of the elastic and plastic strain rates (i.e. 휀 ̇𝑖𝑗
𝑒  and 휀 ̇𝑖𝑗

𝑝𝑙) as: 
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휀�̇�𝑗 = 휀 ̇𝑖𝑗
𝑒 + 휀 ̇𝑖𝑗

𝑝𝑙 (4.1) 

where the elastic part of the strain rate is described with the Hooke’s law by means of 

isotropic linear elastic material, while the development of permanent deformation takes 

place when the stress overpasses the yield stress limit 𝜎𝑦 . Based on the modification 

suggested by Armstrong and Frederick (1966) on the original model, which was proposed 

by Chaboche and Lemaitre (1990), the yield surface of the adopted NKH constitutive 

model is defined as below: 

𝐹 = 𝑓(𝜎𝑖𝑗 − 𝛼𝑖𝑗) − 𝑌 = 0 (4.2) 

𝑌 =  𝜎𝑦𝑖 + 𝑅 (4.3) 

where, 𝜎𝑖𝑗 is the stress tensor, Y is the yield surface size which is the combination of the 

initial yield stress  𝜎𝑦𝑖   and the isotropic internal variable R. In addition,  𝛼𝑖𝑗 is the back-

stress tensor, which determines the kinematic evolution of the yield surface in the stress 

space. 𝑓(𝜎𝑖𝑗 − 𝛼𝑖𝑗) denotes the equivalent Mises stress with respect to back stress 𝛼𝑖𝑗, 

which is defined as below: 

𝑓(𝜎𝑖𝑗 − 𝛼𝑖𝑗) = √
3

2
(𝑆𝑖𝑗 − 𝛼𝑖𝑗

𝑑𝑒𝑣): (𝑆𝑖𝑗 − 𝛼𝑖𝑗
𝑑𝑒𝑣) 

(4.4) 

where, 𝑆𝑖𝑗 is the deviatoric stress tensor (defined as  𝑆𝑖𝑗 = 𝜎𝑖𝑗 + 𝑝𝐼 ,  𝑝 is the equivalent 

pressure stress, and 𝐼 is the identity tensor) and 𝛼𝑖𝑗𝑑𝑒𝑣 is the deviatoric part of back stress 

tensor. Assuming the pressure independent material behaviour, the associated flow rule 

is adopted to obtain the required kinematic hardening flow rule as reported by Zhu (2019), 

and presented in Equation (4.5):  

휀𝑝𝑙̇ = 휀�̇�𝑓𝑓
𝑝𝑙 𝜕𝑓(−)

𝜕𝜎
) (4.5) 

where, 휀̇𝑝𝑙 is the rate of plastic flow and 휀�̇�𝑓𝑓
𝑝𝑙  is the equivalent plastic strain rate. The 

equivalent plastic strain considering isotropic Mises plasticity can be obtained from the 

equivalent plastic work as follows:  
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휀�̇�𝑓𝑓
𝑝𝑙

= √
2

3
휀�̇�𝑗
𝑝𝑙
: 휀�̇�𝑗

𝑝𝑙

(4.6) 

The development of stresses in the material is captured via two parts, the isotropic 

hardening, which defines the change in the yield surface size as a function of equivalent 

plastic strain( 휀�̇�𝑓𝑓
𝑝𝑙

), and the nonlinear kinematic hardening part, which describes the 

translation of the yield surface in the stress space through the back stress( 𝛼𝑖𝑗) . Therefore, 

the hardening rule of this model is a mixed nonlinear isotropic-kinematic hardening, 

making it suitable for simulating cyclic behaviour of soils as explained by Elia and 

Rouainia (2016) and Mucciacciaro and Sica (2018). Indeed, the nonlinear kinematic 

hardening component is denoted by the “superposition” of pure kinematic and relaxation 

(source of the nonlinear behaviour) terms, while the isotropic hardening component 

represents the strength reduction via shrinkage of the yield surface with the accumulative 

equivalent plastic strain induced by cyclic loading. It should be note that the size of yield 

surface (Y) follows a simple exponential law as reported by  Zhu (2019) and defined 

below: 

𝜎𝑦 =  𝜎𝑦𝑖 + 𝑄(1 − 𝑒−𝑏 �̇�𝑒𝑓𝑓
𝑝𝑙

 )
(4.7) 

where, 𝑄 and 𝑏 are the isotropic hardening parameters defining the change of the yield 

surface rate with equivalent plastic strain 휀�̇�𝑓𝑓
𝑝𝑙 . When 𝑄  equals zero then the yield surface 

Y remains unchanged (i.e.  𝜎𝑦= 𝜎𝑦𝑖), and thus the general combined nonlinear isotropic-

kinematic hardening model reduces to a nonlinear kinematic hardening model, which is 

adopted in this chapter.  

The evolution of the nonlinear kinematic hardening components in the stress space 

is defined based on Ziegler (1959) kinematic hardening law as follows: 
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�̇�𝑖𝑗 = ( 
𝐶𝑘

 𝜎𝑦
(𝜎𝑖𝑗 − 𝛼𝑖𝑗) − 𝛾𝑘𝛼𝑖𝑗  )휀�̇�𝑓𝑓

𝑝𝑙   (4.8) 

where, 𝐶𝑘 and 𝛾𝑘  are material parameters for each back stress 𝛼𝑖𝑗. These parameters can 

be obtained by calibration using cyclic test data. Indeed, 𝐶𝑘 is the initial kinematic 

hardening moduli, and 𝛾𝑘  is a parameter defining decreasing rate of the kinematic 

hardening with plastic strain. The recall term (𝛾𝑘𝛼𝑖𝑗  휀�̇�𝑓𝑓
𝑝𝑙 ) introduces the nonlinearity to 

the evolution law proposed by Lemaitre and Chaboche (1990). It should be noted that 

when  휀�̇�𝑓𝑓
𝑝𝑙  approaches infinity, the back stress 𝛼𝑖𝑗 approaches the saturation back stress 

𝛼𝑠 (𝛼𝑠 = 𝐶𝑘
𝛾𝑘

 ). 

The illustration of the nonlinear kinematic hardening model is presented in Figure 

4.1, where Figure 4.1a represents the relation between the von Mises stress and plastic 

strain. As evident in Figure 4.1b, as the position of the yield stress centre moves  relative 

to the initial yield surface 𝜎𝑦𝑖 centre (while the size of the yield surface remains 

unchanged as a result of ignoring isotropic hardening effect), the back-stress tensor (𝛼𝑖𝑗) 

also translates from the centre of the initial yield surface to the centre of the current yield 

surface, which is capturing kinematic hardening effect. According to the evolution law 

for the kinematic hardening component (Equation 4.8), the back stress tensor is contained 

within the cylinder of radius equal to √ 2/3𝛼𝑠 , where √ 2/3𝛼𝑠 = √ 
2

3

𝐶𝑘

𝛾𝑘
 , and the stress 

point should lie within a cylinder of radius √ 2/3𝜎𝑠, where 𝜎𝑠 is the maximum stress at 

large plastic strains, known as saturation condition. 
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(a)

(b)

Large plastic strain (saturation condition) 

Maximum yield stress at saturation

Limiting location of back 
stress (𝛼𝑖𝑗)

Limit yield surface 
Initial yield surface 

New yield surface 
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(c) 

Figure 4.1  Explanation of the nonlinear kinematic hardening (NKH) model implemented 

in this study, (a) one-dimensional representation of the hardening nonlinear kinematic 

rule and the generalised stresses with respect to plastic strain (b) three-dimensional 

representation of the kinematic hardening effect in translation the yield stress surface in 

the stress space (c) back stresses parameters in case of two back stresses as adopted in 

this chapter. 

As mentioned earlier the deviatoric part of the nonlinear kinematic hardening law 

can affect the material behaviour. Thus, for each deviatoric back stress tensor, the martial 

parameters  𝜎𝑦𝑖 , 𝛾𝑘  , and 𝐶𝑘  can be calibrated from cyclic stress strain stabilize cycle. 

Depending on the degree of nonlinearity, more than one back stress may be needed to 

capture the nonlinear behaviour and hysteresis damping precisely. In those cases, each 

introduced back stress covers different range of equivalent plastic strains, and the overall 

back stress can be computed via summation of back stresses as in Equation (4.9): 

𝛼 = ∑ 𝛼𝑘
𝑁
𝑘=1  (4.9) 

Figure 4.1c illustrates application of two back stress parameters as used in this study, 

where the accumulative yield stress is the summation of all back stresses and the initial 

yield stress. 

+

𝐶𝑘1 

𝐶𝑘2 
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4.4 Numerical modelling 

4.4.1 Benchmark model considering stiffness degradation and 

hysteretic SDHD damping (FLAC3D) 

FLAC3D (Itasca, 2011) is a numerical modelling software package specifically 

focusing on geotechnical analyses and it can reasonably analyse soil dynamic response 

(e.g., Lu et al. 2016; Zhang et al. 2015; Alsaleh and Shahrour 2009). Thus, a FLAC3D 

model was developed as the benchmark to compare with the predictions of seismic wave 

propagation obtained from NKH constitutive model programmed in ABAQUS.  

Three different site classes (i.e. Site Classes C, D and E) according to IBC (2012) 

were utilised to study a broad range of seismic site responses. In this study, a uniform site 

condition (i.e. a single layer soil deposit) was considered. Table 4.1 lists the adopted soil 

properties corresponding to different site classes. As shown in Figure 4.2, a 30 × 30 × 30 

m soil deposit was modelled using 1 × 1 × 1 m zones and in total, 13831 brick-type solid 

zones were used.  

Table 4.1 Adopted soil characteristics of different site classes.

Site 
Class 
(IBC, 
2012) 

Shear 
wave 

velocity, 
Vs (m/s) 

Maximum 
dynamic shear 
modulus, Gmax 

(MPa) 

Soil 
density, 

𝒔𝒐𝒊𝒍

(kg/m3) 

Poisson’s 
ratio, Reference 

C 564 675 2124 

0.25 
Galal and 

Naimi 
(2008) 

D 270 136 1877 

E 160 43 1714 
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Figure 4.2 Model geometry (half model) and analysis demonstration implemented in 

FLAC 3D.

4.4.1.1 Simulation of dynamic soil behaviour 

Under earthquake load, soil exhibits nonlinear and hysteresis behaviour. 

Ambrosini (2006) highlighted the importance of adopting appropriate soil constitutive 

model in seismic analysis. As shown in Figure 4.3, the soil response subjected to cyclic 

load can be described using the soil secant shear modulus (𝐺𝑠𝑒𝑐) and the corresponding 

damping ratio (𝜉) of a hysteresis loop (Kramer 1996). According to Das (1983), 𝐺𝑠𝑒𝑐 and 

𝜉 can be determined via Equations (4.10) and (4.11), respectively.  

𝐺𝑠𝑒𝑐 =
𝜏𝑐

𝛾𝑐
 (4.10) 

X
Y

Z

Free - field boundaries 

Dashpot

Input earthquake

Output earthquake
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𝜉 =
𝑊𝐷

4𝜋𝑊𝑆
=

1

2𝜋

𝐴𝑙𝑜𝑜𝑝
𝐺𝑠𝑒𝑐𝛾𝑐2

(4.11)

where the parameters of these equations explained previously in chapter 2 (see Equations 

2.3 and 2.14).

Figure 4.3 Hysteresis loop of soil.

In order to represent dynamic features of the soil in nonlinear analysis, as shown 

in Figure 4.3, the backbone curve representing the change of 𝐺𝑠𝑒𝑐 with cyclic shear strain 

level should be considered, as well as the corresponding damping due to the reduction of 

soil shear modulus. Figure 4.4 shows the considered modulus reduction and 

corresponding damping ratio curves based on Sun et al (1988).

In this study, Hardin-Drnevich function (Hardin et al. 1972) was applied in the 

numerical model to correlate 𝐺𝑠𝑒𝑐 to 𝛾𝑐 using Equation (4.12).

𝐺𝑠𝑒𝑐 =
1

1+
𝛾𝑐

𝛾𝑟𝑒𝑓

(4.12)

𝜏𝑐

𝐺𝑠𝑒𝑐𝐺𝑚𝑎𝑥

Backbone 
curve

𝛾𝑐
𝛾

𝜏

𝑊𝑆

𝐴𝑙𝑜𝑜𝑝 = 𝑊𝐷

𝐺𝑡𝑎𝑛

Hysteresis loop
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where 𝛾𝑟𝑒𝑓 is the reference shear strain when the ratio between the secant shear modulus 

(𝐺𝑠𝑒𝑐) and the initial dynamic shear modulus (𝐺𝑚𝑎𝑥) reached 0.5. According to Itasca 

(2011), the corresponding damping ratio (𝜉) for Hardin-Drnevich function can be 

obtained using the following equation:

𝜉 =
2

𝜋
{2

1 +
𝛾𝑐

𝛾𝑟𝑒𝑓⁄

(
𝛾𝑐

𝛾𝑟𝑒𝑓⁄ )
2 [
𝛾𝑐

𝛾𝑟𝑒𝑓⁄ − ln (1 +
𝛾𝑐

𝛾𝑟𝑒𝑓⁄ )] − 1}

(4.13)

It should be noted that in this study stationary hysteretic mechanism was 

considered, which means that the shear stress in the model only depended on cyclic strain 

and not on the number of cycles. As shown in Figure 4.4, the modulus reduction and 

damping ratio curves can be reasonably duplicated using Hardin-Drnevich function with 

𝛾𝑟𝑒𝑓 = 0.234. The calibrated value of 𝛾𝑟𝑒𝑓 = 0.234 resulted in the best match for 

backbone curves with coefficient of determination R2 equal to 0.88 and 0.80 for the 

modulus reduction curve and damping ratio as evident in Figure 4.4, respectively.

Figure 4.4 Adopted modulus reduction and the corresponding damping ratio curves used 

in this study.
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4.4.1.2 Boundary conditions 

In this study, two different sets of boundary conditions were applied so that 

reasonable and accurate analysis could be carried out. For the static analysis generating 

the initial in-situ stress condition and soil deformation due to gravity in the soil deposit, 

the side boundaries were restrained to vertical movement parallel to the gravity load 

action, while the model base was fully fixed.  

According to Semblat (2010), it is essential that the side boundaries of the 

numerical model can reflect free-field motions for dynamic analysis. As shown in Figure 

4.2, free-field boundaries were modelled around the soil deposit to carry out seismic 

analysis. The free-field boundary condition was achieved by coupling solid zones with 

free-field zones using dashpots. Indeed, the dashpots simulated quiet boundary condition 

and the free-field zones generated forces to cancel the unbalanced forces acting on the 

soil deposit boundaries due to wave propagation; this adopted force condition can be 

expressed as follows: 

𝐹𝑏𝑜𝑢𝑛𝑑𝑎𝑟𝑦 = 𝐹𝑓𝑓 − 𝜌𝐶𝑏𝐴
𝑓𝑓(𝑣𝑧 − 𝑣𝑓𝑓) (4.14) 

where 𝐹𝑓𝑓  is free-field regions forces to stability the  side boundary force from the 

outward waves, 𝜌 is the mass density of the lateral boundaries, 𝐶𝑏 is the wave speed, 𝐴𝑓𝑓  

is the free-field zone area, and 𝑣𝑧  and 𝑣𝑓𝑓  are the velocities of solid zones at side 

boundaries and coupled free-field zones, respectively. As a result, waves propagating 

vertically with no distortion at the boundaries, while the outward waves did not reflect 

back into the model, simulating the boundless condition at the boundaries. 

On the other hand, a rigid boundary was adopted at the model base simulating 

bedrock. According to previous research studies (e.g. Dutta and Roy 2002; Spyrakos et 
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al. 2009), a rigid boundary is appropriate to model large dynamic impedance (e.g. low-

shear-wave-velocity sediments sitting on high-shear wave-velocity bedrock).

4.4.1.3 Considered earthquakes

As summarised in Table 4.2, two near-field earthquakes (i.e. 1994 Northridge and 

1995 Kobe) and two far-field earthquakes (i.e. 1940 El-Centro and 1979 Imperial Valley) 

were utilised to conduct nonlinear time history analysis. The earthquake records were 

picked from the Pacific Earthquake Engineering Research Centre PEER (2014), and as 

shown in Figures 4.5 and 4.6, the selected earthquakes could cover a wide range of 

frequencies, peak ground acceleration (PGA), and duration.

Table 4.2 Adopted earthquake records in this chapter.

Earthquake* Country Year Magnitude 
(Rw) Mechanism Station

Northridge United 
state 1994 6.7 Reserve MWD station 

655

Kobe Japan 1995 6.9 Strike-slip CUE station

El Centro United 
state 1940 6.9 Strike-slip USGS station 

0117

Imperial 
Valley

United 
state 1979 6.5 Strike-slip USGS station 

5066
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Figure 4.5 Considered earthquakes: (a) Original 1994 Northridge Earthquake, (b) 

Original 1995 Kobe Earthquake, (c) Original 1940 El Centro Earthquake and (d) Original 

1979 Imperial Valley Earthquake.
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Figure 4.6 Response spectra considering 5% structural damping: (a) Original 1994 

Northridge Earthquake, (b) Original 1995 Kobe Earthquake, (c) Original 1940 El Centro 

Earthquake and (d) Original 1979 Imperial Valley Earthquake.

To conduct the ground response spectrum analysis, each original earthquake input 

motion, to be applied at the based on the model where the bedrock was located, was scaled 

to three different target response spectrums. Indeed, the adopted response spectrum was 

obtained based on NZS1170.5 (2004) procedures to reflect events of different annual 

exceedance probability (AEP) (i.e., 1/50, 1/500 and 1/2500) at strong rock site (i.e. 

simulating bedrock motion). Referring to Figure 4.7, the shape of target spectrum was 

defined by the response spectrum acceleration factor C(T) using Equation (4.15).

𝐶(𝑇) = 𝐶ℎ(𝑇)𝑍𝑅𝑓 𝑁(𝑇,𝐷) (4.15)

where 𝐶ℎ(𝑇) is spectral shape factor which depends on the site subsoil class and structure 

period (T), Z is the hazard factor equal to 0.6 for Otira city in New Zealand based on the 

available site hazard map. 𝑅𝑓 is the return period factor which was taken as 1.8, 1.0 and 

0.35, for the annual probability of exceedance (APE) values of 1/50, 1/500 and 1/2500, 

respectively. These three target response spectra represented the common seismic 

demand levels in performance-based design framework, namely, Maximum Considered 

Earthquake (MCE), Design Level Earthquake (DLE), and Service Level Earthquake 
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(SLE). In addition,  𝑁(𝑇,𝐷) is a factor related to near fault properties, taken to be 1 in this 

study. In this study SeismoMatch (2016) software was used to obtain the scaled 

earthquake records to match the target response spectra. to avoid displacement drift at the 

end of the input earthquakes a baseline correction is necessary (Melgar et al. 2013). 

Therefore, the corrected acceleration time histories of scaled earthquakes were induced 

at the bedrock level (model base) to perform time history analysis. 

Figure 4.7 Scaled earthquakes reflecting different AEP at strong rock site. 

4.4.2 Finite element model adopting NKH model (ABAQUS) 

4.4.2.1 Model Parameters calibration 

As explained earlier, the adopted nonlinear kinematic hardening NKH model requires 

input parameters   𝜎𝑦𝑖 , 𝛾𝑘  , and 𝐶𝑘  for each back stress. These parameters can be obtained 

by using input cyclic triaxial shear test data corresponding to the stress-strain data points 

for the stabilised cyclic curve. In this study, backbone curve, proposed by  Sun et al. 

(1988) and adopted in the benchmark exercise in FLAC 3D model, was used as presented 

in Figure 4.4. Since this backbone curve captures the variation of modulus reduction ratio 
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(G/Gmax) and damping ratio (ξ) with cyclic shear strain () for cohesive soils, obtained 

from cyclic simple shear and resonant column test results, it can be used for seismic site 

response evaluations for cohesive soils.  

Hardin-Drnevich function (Hardin et al. 1972) was also adopted to obtain a 

mathematical formulation to fit the backbone laboratory measurements using the 

Equations (4.12) and (4.13). Since the kinematic hardening model adopted in this study 

for cyclic behaviours of soils required the stabilised shear stress-strain cycle,  Masing 

(1926) rule presented in Equation (4.16) was used to obtain a full loop of  cyclic shear 

stress - strain response for the soil.  In this study it is assumed that the stabilised cyclic 

loading - unloading curve is reached at cyclic shear strain value of 2% beyond which the 

shear modulus remains unchanged (McDowell 1992; Hennessey et al. 2017). 

𝜏 − 𝜏𝑟𝑒𝑣 = 
𝐺𝑚𝑎𝑥  (𝛾 − 𝛾𝑟𝑒𝑣 )

1 + (
|𝛾 − 𝛾𝑟𝑒𝑣|
2 ∗ 𝛾𝑟𝑒𝑓

)
 

(4.16) 

where, 𝜏𝑟𝑒𝑣 and 𝛾𝑟𝑒𝑣 are the shear stress and cyclic shear strain at the reversal point, 

respectively. 

As mention earlier, in this study, three different homogenous  soil deposits with 

different shear stiffnesses (represented by the shear wave velocities Vs) and densities were 

used, namely, the very stiff Site Class C, stiff Site Class D and soft Site Class E according 

to IBC (2012). These three soils deposits were used by Galal and Naimi (2008) as 

benchmark exercise to examine the soil - structure interaction effect on the performance 

of the concrete moment resisting building frames under seismic effect. The adopted soil 

mechanical properties for these soil deposits are summarized and represented in Table 

4.1, which are same as what was used in the benchmark FLAC 3D model report in the 

previous section.  
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To calibrate the nonlinear kinematic hardening parameters, a discrete set of shear 

yield stress and plastic shear strain data points, corresponding to the stabilised cyclic shear 

stress - strain curve, obtained from the Hardin-Drnevich model with Masing (1926) rule, 

were directly adopted. These data points start from the re-yielding point (τe, γe) to the 

reversal point in upper part of the hysteresis curve, as shown in Figure 4.8 as an example.  

It should be mentioned that in the adopted kinematic hardening model, the relationship 

between shear stress (τi) and accumulated plastic shear strain (ipl) at any point on the 

upper stabilised curve is as below: 

𝛾𝑖
𝑝𝑙
= 𝛾𝑖 −

𝜏𝑖

𝐺𝑚𝑎𝑥
− 𝛾𝑝

0   (4.17) 

where, 𝜏𝑖   and 𝛾𝑖 are the total shear stress and strain for Point i, and 𝛾𝑝0 = 𝛾𝑒 −
𝜏1

𝐺𝑚𝑎𝑥
, which 

is the plastic shear strain at the re-yielding point (τe, γe) as shown in Figure 4.8. Indeed, 

by programming a subroutine, a regression analysis was conducted to determine the 

nonlinear kinematic hardening model constants based on the shear - stress strain data 

points. Referring to Equation (4.9), by adopting several back stresses and calibrating the 

parameters, a larger strain range can be covered resulting in more accurate predictions. 

Thus, in this study two back stresses were adopted which resulted in more reliable 

predictions.  
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Figure 4.8 Stabilised loading cycle based on Hardin/Drnevich (1972) model with Masing 

(1926) rule for Soil E with Vs 160 m/s.

The obtained parameters were then used to perform strain-controlled shear tests 

by simulating one soil element. Figure 4.9 illustrates the comparison of the calibrated 

kinematic hardening model adopted in this study versus the results from Sun et al. (1988), 

while adopting Masing (1926) rule to obtain closed loading-unloading cyclic loops for 

the different stiffness values of the clay soils. As evident, the predictions adopting 

kinematic hardening model are reasonable, confirming capability and suitability of the 

adopted nonlinear kinematic hardening model to simulate the cyclic response of clayey 

soils using the calibrated parameters. Indeed, as the shear wave velocity (soil shear 

stiffness) increased from Site Class E to C, the stress amplitude also increased from 100 

kPa to 1500 kPa for the same strain amplitude, respectively. The two calibrated back 

stress parameters for each soil type are summarized in Table 4.3. In the next stage, these 

calibrated soil parameters were used for the site response analysis to be explained in the 

next section.
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Figure 4.9  Comparison between the calibrated kinematic hardening models adopted in 

this study with the laboratory measurements obtained from Sun et al. (1988) (a) soil E, 

(b) soil D, and (c) soil C.
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Table 4.3 Soil properties and the calibrated nonlinear kinematic hardening model 
parameters. 

Soil properties  Symbol Soil C Soil D Soil E 

Density (kg/m3) soil 2124 1877 1714 

Shear wave velocity (m/s) Vs 564 270 160 

Small strain shear modulus (MPa) Gmax 675.63 136.83 43.87 

Poisson's Ratio  ν 0.25 

Initial yield stress (kPa) Y 28.9 1.877 1.879 

Calibrated initial kinematic 
hardening modulus (MPa) 

Ck1, Ck2 270, 297 54.4, 60.1 17.6, 19.3 

Calibrated hardening modulus 
degradation rate  

k1, k2 

 

2200, 
2440.5 

1869, 
2100.5 

1534, 1700 

1st and 2nd mode natural period for 
30m deep deposit 

s 0.21, 0.07 0.44, 0.148 0.75, 0.25 

 

4.4.2.2 Model Geometry, boundary conditions and earthquake records 

Time history analyses were carried out, and the result of the nonlinear kinematic 

hardening soil model adopting ABAQUS (version 2018), were verified against with 

stiffness degradation with hysteretic damping soil model implemented in FLAC3D 

software. For the sake of consistency both ABAQUS and FLAC 3D models had the same 

geometry and mesh size, and the same acceleration time history records were applied at 

the base and comparable free field boundaries implemented in both models (see Figures 

4.2 and 4.10).  
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Figure 4.10 Soil model adopted in this study (a) model geometry (half model) 

demonstration implemented in ABAQUS; (b) representation of different elements 

implemented in the finite element model, namely, soil element (C3D8R) and infinite 

element (CIN3D8). 
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As Figure 4.10 shows, 30 × 30 × 30 m soil deposit was modelled using 

1 × 1 × 1 m zones in ABAQUS, resulting in 13831 linear brick solid elements (C3D8R). 

Similar to the FLAC 3D benchmark model, for the static analysis generating the initial 

in-situ stress condition due to gravity in the soil deposit in ABAQUS, the geostatic 

condition of the soil medium was defined through predefined stresses, while the side 

boundaries were restrained to vertical movement parallel to the gravity load action, and 

the model base was fully fixed. Then, for dynamic analysis, the seismic excitation was 

applied in the horizontal direction (i.e. X-axis) at the base of the model using implicit 

integration scheme (i.e Newmark's method). It should be note that in the ABAQUS 

model, the one way 8 nodes infinite solid elements CIN3D8 were used at the lateral 

boundaries to represent the far-field soil, as these infinite elements could model the initial 

static equilibrium conditions (Zienkiewicz et al. 1983), while could also absorb the energy 

from the unbounded soil area under dynamic loading (Lysmer and Kuhlemeyer 1969). 

These boundaries could perfectly absorb all types of waves (e.g. body waves and surface 

waves) at all angles of incident and frequencies propagating outward from the side 

boundaries (Nielsen 2006). Therefore, these infinite elements were implemented to allow 

the vertical wave propagation through the soil medium, while preventing reflection of the 

side waves back into the model. The dynamic response of these infinite elements is 

governed by the following equation of motion: 

𝜌𝑖𝑛𝑓  �̈�𝑖 = 𝐺𝑖𝑛𝑓  
𝜕2𝑢𝑖

𝜕𝑥𝑖𝜕𝑥𝑗
+ (𝜆 + 𝐺𝑖𝑛𝑓)

𝜕2𝑢𝑗

𝜕𝑥𝑖𝜕𝑥𝑗
   (4.18) 

while the damping ratios of the adopted infinite boundaries in the normal and shear 

directions are described by Equation (4.19): 



110 

𝑑𝑝 = 𝐺𝑖𝑛𝑓
𝜆𝑖𝑛𝑓 + 2𝐺𝑖𝑛𝑓

𝑐𝑝
; 

(4.19a) 

𝑑𝑠 = 𝜌𝑖𝑛𝑓𝑐𝑠                            (4.19b) 

where 𝜌𝑖𝑛𝑓  is the representative density of unbounded soil area, 𝐺𝑖𝑛𝑓 and 𝜆𝑖𝑛𝑓  are Lame’s 

constants of the unbounded soil area, 𝑐𝑝 and 𝑐𝑠 are the velocities of the compression and 

shear waves, respectively, 𝑑𝑝 and 𝑑𝑠 are the damping parameters of the infinite element 

in the normal and shear directions, respectively, 𝑢𝑖 and 𝑢𝑗 are the particle displacements, 

xi and xj are the positions of nodes i and j, respectively. 

As the seismic input motions are propagated through the soil deposit, the dynamic 

features of the soil play a key role in the ground surface response in term of response 

spectra, acceleration amplification, and damping. Therefore, in this study local site effect, 

which relates to both the soil dynamic properties and the nature of the input seismic wave, 

alerting the structural response, is assess. In the following sections, the results of the 

nonlinear kinematic hardening NKH model programmed in ABAQUS are assessed 

against benchmark FLAC 3D model in terms of shear stress – strain responses, 

acceleration time history and acceleration response spectrum.  

4.5 Results and discussion 

In this section, the time history analysis results in terms of the shear stress - strain 

response in the middle of the soil deposit, and the acceleration response spectrum, and 

acceleration time history at the ground surface are presented and discussed for both 

adopted constitutive models in FLAC 3D and ABAQUS. The analyses were carried out 

for three Site Classes C, D, and E, with corresponding shear wave velocities Vs equal to 

564 m/s, 270 m/s, and 160 m/s with other characteristics as reported in Table 4.3, 
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subjected to different seismic motions scaled to three seismic demand levels and the 

acceleration response spectrums were extracted and compared for each soil deposit. 

4.5.1 Shear stress - strain response of soil 

To assess the seismic behaviour of the soil and capture the nonlinear 

characteristics of the soil response, the shear stress - strain curves were extracted and 

compared at 15.0 m depth of the soil model for both NKH (ABAQUS) and SDHD (FLAC 

3D) soil models subjected to four original earthquake records. It should be note that 

assessing the stress - strain response at the mid-depth of soil deposit seems to be more 

suitable compared with the ground surface level where the minimal shear strains were 

experienced.  Figures 4.11 – 4.14 report the samples of stress - strain curves for Site 

Classes C, D, and E under the effect of original 1994 Northridge, 1995 Kobe, 1940 El 

Centro, and 1979 Imperial Valley earthquakes, respectively.  

As Figure 4.11 shows, the shear stress - strain responses for Site Class C (i.e. the 

stiffer soil deposit with Vs =564 m/s) experienced the higher shear stresses and lower 

shear strains compared to Site Class D (Figure 4.11b), and Site Class E (Figure 4.11c). 

Indeed, the maximum experienced shear stresses decreased from 800 kPa to 200 kPa and 

80 kPa, when the soil shear wave velocity decreased from Site C to D and E (i.e. 

corresponding to reduction in the stress by 52%, and 72% respectively) for original 1994 

Northridge earthquake. Moreover, the maximum shear strain experienced by the soil 

increased from 0.002%, to 0.0042% and 0.006% for Site Classes C to D and E, 

respectively, under the 1994 Northridge earthquake. It should be noted that comparable 

results were reported in the literature (Nakamura et al. 2014; Rayamajhi et al 2014) where 

the soil with lower shear velocity develop less shear stresses during earthquakes. 

Referring to Figures 4.11 – 4.14, the area under the hysteresis loops were larger for Site 
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Class E (softer soil) and decreased toward Site Class C (harder soil), which means the 

softer soil (i.e. Site E with Vs =160 m/s) damped more seismic energy than Site Class D 

and C. In general, the predicted shear stress- strain curves from NKH soil model in 

ABAQUS were in good agreement with those of SDHD soil model in FLAC 3D for 

different soil deposits and under the different earthquakes. 
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Figure 4.11 Comparison between shear stress strain record at 15 m depth between SDHD 

soil model in FLAC 3D and NKH soil model for (a) site class C, (b) site class D and (c) 

site class E under original 1994 Northridge earthquake. 
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Figure 4.12 Comparison between shear stress strain record at 15 m depth between SDHD 

soil model in FLAC 3D and NKH soil model for (a) site class C, (b) site class D and (c) 
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site class E under original 1995 Kobe earthquake. 
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Figure 4.13 Comparison between shear stress strain record at 15 m depth between SDHD 

soil model in FLAC 3D and NKH soil model for (a) site class C, (b) site class D and (c) 

site class E under original 1960 El Centro earthquake. 
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4.5.2 Acceleration time history predictions 

Figures 4.15 – 4.18 compare the samples of recorded acceleration time histories 

at the ground surface using two adopted constitutive models for three Site Classes C, D 

and E, under original 1994 Northridge, 1995 Kobe, 1940 El Centro and 1979 Imperial 
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valley earthquakes, respectively. In general, amplification of Peak Ground Acceleration 

(PGA) were evident as the seismic wave propagated from the bedrock to the surface. 

Referring to Figure 4.15b as an example corresponding to 1994 Northridge earthquake 

for Site Class C (stiff soil with 𝑉𝑠= 564 m/s), the acceleration amplitude for the most part 

of the earthquake duration is amplified, particularly, for the absolute PGA it found to be 

amplified by factor of 2.07, (e.g. absolute PGA increased from 0.99g to 2.05g for 1994 

Northridge earthquake). For Site Class D (𝑉𝑠 =270 m/s) and 1994 Northridge earthquake 

(Figure 4.15c), the acceleration reported at the ground surface increased, with the average 

amplification factor of 1.19 for the high amplitude range between 3 s and 10 s (e.g. PGA 

increased from 0.99g to 1.19g). Finally, for Site Class E (𝑉𝑠=160 m/s), the amplification 

was at the later parts of the earthquake record (e.g. 15 - 25 s) with average factor 1.1 along 

the later parts of the 1994 Northridge earthquake (Figure 4.15d), while in the early stages 

of earthquake (e.g. 3-10 s), minor acceleration amplification (i.e. amplification factor of 

about 1.08) was observed and the PGA values remained almost the same. Comparing the 

observations in Figure 4.15 with the observations for the three site classes under the 1995 

Kobe earthquake as reported in Figures 4.16 shows that the reported acceleration at 

ground surface amplified by a factor of about 2.0 for Site Class C (𝑉𝑠= 564 m/s), where 

the PGA for the original earthquake which was 0.61g increased to 1.21g as represented 

in Figure 4.16b.  For Site Class D (𝑉𝑠=270 m/s), the PGA increased from 0.61g to 1.07g 

(i.e. amplification factor 1.75 in Figure 4.16c), and for Site Class E (𝑉𝑠=160 m/s), while 

PGA did not change much, a notable amplification was observed for lower ground 

accelerations at the later stages of earthquake (i.e. after 15 s) as reported in Figure 4.16d. 
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Figure 4.15  Horizontal acceleration time history for (a) Bedrock Level for Original 1994 

Northridge Earthquake, and Comparison between acceleration time histories at ground 

surface of stiffness degradation with hysteresis damping and nonlinear kinematic 

hardening soil models for (b) site class C, (c) site class D and (d) site class E under 

Original 1994 Northridge earthquake. 
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Figure 4.16 Horizontal acceleration time history for (a) Bedrock Level for Original 1995 

Kobe Earthquake, and Comparison between acceleration time histories at ground surface 

of stiffness degradation with hysteresis damping and nonlinear kinematic hardening soil 

models for (b) site class C, (c) site class D and (d) site class E under Original 1995 Kobe 

Earthquake. 
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showed that for high intensity near field earthquakes loading the soil experienced higher 

nonlinear response in term of shear strain and damping, that reduced the ground response 

amplification. As evident in the results reported in Figures 4.15 – 4.18, the predictions 

from NKH soil model in ABAQUS and SDHD soil model in FLAC 3D are generally in 

a good agreement. However, some minor disparities were observed where NKH soil 

model in comparison to SDHD soil model showed over prediction of the PGA values for 

the very stiff and stiff soils (Site Class C with Vs = 564 m/s and Site Class D with Vs= 270 

m/s) for near field earthquakes. 
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Figure 4.17  Horizontal acceleration time history for (a) Bedrock Level for Original 1960 

El Centro Earthquake, and Comparison between acceleration time histories at ground 

surface of stiffness degradation with hysteresis damping and nonlinear kinematic 

hardening soil models for (b) site class C, (c) site class D and (d) site class E under 

Original 1960 El Centro earthquake. 
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Figure 4.18 Horizontal acceleration time history for (a) Bedrock Level for Original 1979 

Imperial Valley Earthquake, and Comparison between acceleration time histories at 

ground surface of stiffness degradation with hysteresis damping and nonlinear kinematic 

hardening soil models for (b) site class C, (c) site class D and (d) site class E under 

Original 1979 Imperial Valley earthquake.

4.5.3  Acceleration response spectrum 

The acceleration response spectrum of the recorded motions at the ground surface 
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was extracted and reported for Site Classes C, D and E in Figure 4.19 subjected to original 

1994 Northridge (Figure 4.19a), 1995 Kobe (Figure 4.19b), 1940 El Centro (Figure 

4.19c), and 1979 Imperial Valley (Figure 4.19d) earthquakes, respectively. Referring to 

Figure 4.19a, the acceleration response spectrum Sa under 1994 Northridge earthquake 

observed to be the highest for Site Class C, in the short period ranges (i.e. 0.05- 0.35 sec), 

and for T > 0.5 sec, Site Class D resulted in the highest Sa. In addition, the maximum 

acceleration response spectrum value (Samax) reported to be 9.89g around T = 0.25 sec 

corresponding to Site Class C, compared with the input original bedrock earthquake 

record with Samax was 3.1g (i.e.  the Samax amplified by factor 3.2). To explain this 

observation, it good to highlight that the acceleration response spectrum Sa depends on 

the local site characteristics, such as soil stiffness and thickness, and the earthquake 

intensity. Referring to Kramer (1996),  the fundamental natural periods of vibration of 

the soil deposit can be determined based on soil shear wave velocity and soil deposit 

depth. Table 4.3 summarises the 1st and 2nd mode natural periods of the soil deposits with 

adopted in this study. For Site Classes C, D and E, the 1st mode  natural periods of the soil 

deposit were determined to be T = 0.21 sec, 0.44 sec and 0.75 sec, respectively, and 

therefore, referring to Figure 4.19, the period corresponding to the peak spectral 

acceleration Samax shifted to longer periods. The other observed local spikes in the 

acceleration response spectrum particularly in shorter period ranges also corresponded to 

the 2nd mode natural periods in the range of 0.07 – 0.25 sec for different site classes. 

Indeed, the high reported Samax values for Site Class C with 𝑉𝑠= 564 m/s Samax were equal 

to 9.89g, 6.8g, 5.36g and 2.6g for 1994 Northridge, 1995 Kobe, 1940 El Centro and 1979 

Imperial Valley earthquakes, corresponding to amplification factor equal 3.2, 3.1, 8.6, 

and 6.38, respectively. This observation was due to the fast that the dominant frequencies 

of the earthquakes were closest to natural period of vibration of this soil deposit, resulting 



126

in the largest amplification and possibly resonance.  Indeed, other researchers (Tucker et 

al. 1984; Riepl et al. 1998) also report significant earthquake amplification in low period 

range as a result of seismic waves passing through stiff soil deposit, particularly for far 

field earthquake motion. Indeed, the effect of far field earthquakes loading (i.e. El Centro 

and Imperial Valley earthquakes) is also reported for Site Class D; where the Samax

amplification factor values were 1.1, 1.28, 4.53 and 4.92 for 1994 Northridge, 1995 Kobe, 

1940 El Centro and 1979 Imperial Valley earthquakes, respectively. However, for soft 

Site Class E with Vs =160 m/s the amplification on the Samax value observed for only the 

far field earthquakes; where the Samax amplification factor values were 0.91, 0.5, 1.77 and 

2.4 for 1994 Northridge, 1995 Kobe, 1940 El Centro and 1979 Imperial Valley 

earthquakes, respectively.   Referring to Figure 4.19, despite some disparities in very low 

period range (i.e. T < 0.2 s), acceleration response spectra adopting NKH soil model in 

ABAQUS and SDHD soil model in FLAC 3D are in good agreement. 
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Figure 4.19 Comparison of acceleration response spectra for the recorded ground motions 
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on the soil surface of stiffness degradation with hysteresis damping and nonlinear 

kinematic hardening soil models for Site class C, D and E under (a) 1994 Northridge 

earthquake, (b)1995 Kobe earthquake, (c) 1940 El Centro earthquake, and (d) 1979 

Imperial Valley earthquake.

4.5.4 Assessment of NKH model for different hazard levels 

Figures 4.20 – 4.22 show the acceleration ground response spectra for Site Classes 

C, D, and E under three hazard levels by scaling 1994 Northridge, 1995 Kobe, 1940 El 

Centro and 1979 Imperial Valley earthquakes. The adopted three scaling levels reflect 

events of different annual exceedance probability (AEP) (i.e., 1/50, 1/500 and 1/2500), 

where these three target levels represented the common seismic demand levels in 

performance-based design framework, namely, Maximum Considered Earthquake 

(MCE), Design Level Earthquake (DLE), and Service Level Earthquake (SLE). Figure 

4.20 reports the acceleration response spectrum Sa of Site Class C under three hazard 

levels for different earthquakes. In general, the maximum spectral accelerations were 

observed in the period range of 0.1 s to 0.3 s. Referring to Figure 4.20a for 1994 

Northridge earthquake, it can be observed that for the SLE (AEP = 1/50), the maximum 

spectral acceleration Samax  amplified from 0.53g in the scaled  earthquake rerecord (see 

Figure 4.20a and Figure 4.7) to 4.1g, corresponding to the amplification factor of 7.8, 

while for DLE and MCE the corresponding amplification factors were 5.5 and 4.4, 

respectively. As the Samax amplified from 1.42g to 7.8g for DLS earthquake level and the 

corresponding values for MCE were 2.5g for the bedrock scaled earthquake level to 11g 

at ground surface level.   The Corresponding maximum spectral accelerations for 1995 

Kobe earthquake passing through Site Class C (Figure 4.21b) were 9.8, 6.7 and 4.23, for 

SLE, DLE and MCE, respectively. For 1940 El Centro earthquake (Figure 4.20c) and 

1979 Imperial Valley earthquake (Figure 4.20d), a higher Samax amplification factors of 
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[10.8,7.7 and 5.4] and [11.2,6.64, and 4.5] were observed for seismic hazard levels [SLE, 

DLE and MCE] respectively. This observation highlighted the paramount importance of 

conducting site specific response analysis particularly for far field earthquakes 

propagating through stiff soil deposits (e.g. Site Class C with Vs =564 m/s). 
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 Figure 4.20 Comparison of acceleration response spectra for the three recorded ground 

motion levels on the soil surface of stiffness degradation with hysteresis damping and 

nonlinear kinematic hardening soil models for Site class C under (a) 1994 Northridge 

earthquake, (b)1995 Kobe earthquake, (c) 1940 El Centro earthquake, and (d) 1979 

Imperial Valley earthquake. 
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Figure 4.21 Comparison of acceleration response spectra for the three recorded ground 

motion levels on the soil surface of stiffness degradation with hysteresis damping and 

nonlinear kinematic hardening soil models for Site class D under (a) 1994 Northridge 

earthquake, (b)1995 Kobe earthquake, (c) 1940 El Centro earthquake, and (d) 1979 

Imperial Valley earthquake. 

Figure 4.21 presents the acceleration response spectrum results for Site Class D 

under different scaled earthquakes, and in general the maximum spectral accelerations 

were observed in the period T < 1.0 s. Referring to Figure 4.21, for the two near field 

earthquakes, propagating through Site Class D, namely, 1994 Northridge in Figure 4.21a, 

and 1995 Kobe earthquake in Figure 4.21b, the maximum amplification factors for SLE, 

DLE and MCE hazard were [4.03,1.97, and 1.24] and [3.7,2.0, and 1.25], respectively. 

The corresponding maximum amplification factors for the adopted far field earthquakes, 

namely, 1960 El Centro in Figure 4.21c, and 1979 Imperial Valley earthquake in Figure 

4.21d, were 4.7 and 3.9 for SLE earthquake level, 2.4 and 2.35 for DLE earthquake level, 

and 1.5 and 1.53 for MCE earthquake level, respectively. Mostly, for Site Class D with 

Vs =270 m/s the amplification in Sa value reported in far field earthquakes were slightly 

higher than near field earthquakes, and for all earthquakes scaled levels the amplification 

observed along the most of period range. 
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Reducing the Site Class stiffness resulted in decreasing the Sa amplification, and 

even for some earthquakes period range no amplification was observed. For example, 

referring to Figure 4.22a for 1994 Northridge earthquake for Site Class E, the spectral 

acceleration Sa reduced in the low period range (i.e. T < 0.5 sec).  For the near field 

earthquakes including 1994 Northridge and 1995 Kobe earthquakes (Figures 4.22a and 

4.22b), Samax amplification factors of [2.3, 1.5, and 0.96] and [1.96, 1.74, and 1] were 

observed for seismic hazard levels [SLE, DLE and MCE] respectively. Moreover, 

referring to Figures 22c and d, for two near field earthquakes namely 1940 El Centro and 

1979 Imperial Valley earthquakes, propagating through Site Class E, the corresponding 

maximum amplification factors were 2.55 and 1.96 (SLE), 1.51 and 1.52 (DLE), and 1.15 

and 1.07 (MCE). It can be perceived that, the amplification factors of Samax was increased 

when the soil stiffness decreased, particularly, for far field earthquakes and MCE level. 

as evidence Figure 4.22 summarises the seismic demand levels for Site Class E (i.e. softer 

Site Class with Vs= 160 m/s) under different scaled earthquakes.  
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Figure 4.22 Comparison of acceleration response spectra for the three recorded ground 

motion levels on the soil surface of stiffness degradation with hysteresis damping and 

nonlinear kinematic hardening soil models for Site class E under (a) 1994 Northridge 
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earthquake, (b)1995 Kobe earthquake, (c) 1940 El Centro earthquake, and (d) 1979 

Imperial Valley earthquake. 

In general, results of acceleration response spectra for various earthquakes and 

scaled to different levels show that predictions from NKH soil model in ABAQUS and 

SDHD soil model in FLAC 3D are in good agreement. 

4.6 Summary  

The performance of the nonlinear kinematic hardening (NKH) soil model was 

assessed by comparing the predictions adopting the NKH model programmed in 

ABAQUS against the well-known stiffness degradation and hysteresis damping (SDHD) 

soil model available in FLAC 3D. The results demonstrated the NKH model capability in 

capturing the soil dynamic behaviour for the seismic wave propagation problems. Using 

a fully nonlinear time-domain analysis, both NKH and SDHD models showed that 

reducing soil stiffness (i.e. shear wave velocity) resulted in higher shear strains in the soil 

and increased hysteresis damping due to more seismic energy dissipation for all adopted 

earthquakes. For both adopted far-field earthquakes, numerical modelling results revealed 

horizontal earthquake amplification as the seismic wave propagated from the bedrock to 

the ground surface. Moreover, an extended duration of acceleration amplification for 

earthquakes with lower dominant frequencies (such as 1994 Northridge) were observed. 

Both NKH and SDHD soil models demonstrated that the dynamic properties of the soil 

deposit and the peculiarities of bedrock earthquake records had an impact on ground 

surface vibration. It is also important to note that both the NKH and SDHD numerical 

predictions highlighted the importance of hazard level on site-amplification factors. Thus, 

the earthquake scaling by matching the target response spectrum could alert earthquake 

characteristics and seismic site responses. 
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CHAPTER 5 SEISMIC RESILIENCE OF EXTRA-
LARGE LNG TANK BUILT ON LIQUEFIABLE SOIL 

DEPOSIT CAPTURING SOIL-PILE-STRUCTURE 
INTERACTION 

 

5.1 General 

Assessment of seismic resilience of critical infrastructure such as liquefied natural 

gas (LNG) storage tanks, is critical to ensure availability and security of services during 

and after occurrence of large earthquakes. In many projects, it is preferred to build energy 

storage facilities in coastal areas for the ease of sea transportation, where weak soils such 

as soft clay and loose sand with liquefaction potential may be present. In this study, three-

dimensional finite element model is implemented to examine the seismic response of a 

160,000 m3 full containment LNG tank supported by 289 reinforced concrete piles 

constructed on liquefiable soil overlaying the soft clay deposit. The seismic soil-structure 

interaction analysis was conducted through direct method in the time domain subjected 

to the 1999 Chi-Chi and the 1968 Hachinohe earthquakes, scaled to Safe Shutdown 

Earthquake (SSE) hazard level for design of LNG tanks. The analyses considered 

different thicknesses of the liquified soil deposit varying from zero (no liquefaction) to 

15 m measured from the ground surface. The key design parameters inspected for the 

LNG tank include the acceleration profile for both inner and outer tanks, the axial, hoop 

and shear forces as well as the von Mises stresses in the inner tank wall containing the 

LNG, in addition to the pile response in terms of lateral displacements, shear forces and 

bending moments.  
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5.2  Introduction 

Liquid storage tanks have traditionally played a major role in the distribution of 

water, chemicals and refined petroleum products. In particular, during the past 30 years, 

the demand on the Liquefied Natural Gas (LNG) tanks has increase significantly (Animah 

and Shafiee 2020). As the LNG is cleaner and a cheaper fuel for power generation than 

oil and coal, it is considered as a transition and rather environmentally friendly energy 

fossil fuel source. While large water storage reservoirs near cities and populated areas are 

in demand for a constant supply of water., oil and liquefied natural gas storage tanks are 

generally located in refineries, terminals and ports to reduce the transportation cost and 

stay away from populated areas for safety reasons (Solakivi et al. 2019).  

Indeed, natural gas is primarily made of methane, and to reduce the storage space, 

it is liquefied and stored at atmospheric pressures while operating at temperatures around 

-166 Cᵒ. LNG tanks are usually built in areas near the shorelines to increase the flexibility 

of LNG transportation and reduce the traveling and storage cost. These tanks have 

capacities ranging from 160,000 m3 to 225,000 m3 corresponding to diameters of 80 m to 

100 m and heights from 30 m to 50 m (Nagashima et al. 2011; Calderón et al. 2016). 

Thus, the foundation soil may not be capable of bearing the load of such heavy structure, 

and usually deep foundations are used to support these tanks built on weak soils near 

ports. Pile foundations are commonly used to support these types of extra-large tanks to 

carry the entire load and control the settlement (Hor et al. 2017). Indeed, when utilising 

the pile foundation, the LNG tank load is transferred to the piles through rigid reinforced 

slab at the base of the tank, which acts as a load distribution mat. 

The LNG industry is growing quickly and many LNG tanks are constructed in 

seismically active coastal regions; hence, potential damage or leak due to cracking 
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triggered by earthquake can result in the catastrophic environmental and safety 

threatening events (Zhang et al. 2011; Zhai et al. 2019). The LNG tanks should be 

designed wisely for safe and secure energy storage, and to meet the stringent 

requirements, the liquid inside the tank is usually contained within a steel container with 

high ductility material to ensure high performance subjected to low temperatures. 

Researchers have found that the inner container performance could be enhanced by using 

9% nickel steel inner tank, surrounded by insulation materials (Chung et al. 2019). 

Moreover, for external protection and vapour containment, prestressed concrete outer 

tanks are usually used (Zhai et al. 2019). This type of tank, with inner steel tank and outer 

concrete tank with insulation material in between, is known as full containment tank, 

which is the most commonly used tank in practice to store LNG. 

The seismic performance of LNG storage tanks is particularly significant, over 

and above the economic value of the structure, due to the need to remain operational after 

a major earthquake. (Di Sarno 2020). Any potential hazard associated with the failure of 

tanks containing highly flammable resources may lead to significant uncontrolled fires, 

whereas any potential spill of this content could cause significant damage to the 

environment and affect populated areas. (Zhang et al. 2018). Therefore, the need for quite 

advanced experimental, analytical and numerical investigations to assess the seismic 

response of such structures, is quite evident. 

Under earthquake loading, the dynamic behaviour of LNG tank is quite 

complicated due to SFSI and FSI effects. Under dynamic loading, the LNG exerts 

additional hydrodynamic forces on to the tank walls. These hydrodynamic forces have 

two components; in the first component, portion of the liquid is accelerated with the tank 

walls and acts as added mass (or impulsive force), while in the second component, the 

upper portion of liquid sloshes generating surface waves (i.e. convective force), and the 
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characteristics of these waves are affected by ground displacement rather than ground 

acceleration (Christovasilis and Whittaker 2008). Many researchers studied the FSI 

effects on liquid storage tanks under dynamic loading (e.g. Housner 1957; Veletsos and 

Tang 1987; Haroun and Housner 1981; Malhotra et al. 2000) and proposed a simple 

mechanical model to capture the FSI, where the two hydrodynamic forces can be 

represented by concentrated forces attached to the tank wall with appropriate links. 

Indeed, the simplified analytical models are adopted in several well-established design 

codes such as API 650 (2007) and NZSSE (2009). Later, Virella et al. (2006) enhanced 

the simplified mechanical models to capture FSI by replacing the hydrodynamic 

concentrated forces with distributed forces along the tank wall as adopted in Eurocode 

(2008).  

Evidently, the SSI could greatly alert the dynamic behaviour of the superstructures 

and their supporting foundation system, and indeed the contribution of SSI is significantly 

increased when the superstructure is constructed on soft soil deposits in seismically active 

areas (Gazetas and Mylonakis 1998; Stewart et al. 2000; Mylonakis and Gazetas 2000; 

Trifunac  2000; Carbonari et al. 2008; Padrón et al. 2009; Gičev and Trifunac 2012;  

Asimaki et al. 2019; Elwardany et al. 2019; Cavalieri et al. 2020; Brunelli et al. 2021). 

Medina et al. (2013) assessed the SSI effects on seismic characteristics of pile supported 

structures including period of vibration and damping implementing substructure analysis 

method. The results highlighted the importance of pile characteristics on the response of 

both high and short buildings. Zimmaro and Ausilio (2020) investigated the dynamic 

properties and seismic behaviour of earth fill dam foundations using modal and seismic 

hazard analyses, and showed that the substantial underestimation of the fundamental 

period of the dam could be observed when the SSI effects was ignored. 

Similarly, since the SSI can significantly affect the seismic response of large 
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capacity structures like LNG tanks, several researchers investigate SSI effects on the 

seismic response of LNG tanks (Willford et al. 2010; Ruiz and Gutiérrez 2015; Tajirian 

et al. 2019). For example, Sun and Cui (2015) studied the seismic response of the base-

isolated LNG tank considering the SSI effect using a simplified mechanical model and 

elastic soil foundation. Their results illustrated the importance of SSI on selecting the best 

isolation system. Son and Kim (2019) highlighted the importance of SSI effects on the 

seismic response of LNG tank subjected to vertical earthquake component. Moreover, 

Hokmabadi et al. (2019) considered the impact of SSI on the seismic response of a large 

LNG tank sitting on the improved ground, and highlighted the importance of conducting 

rigorous numerical modelling to optimise the seismic design of LNG tanks. 

One of the furthermost causes of damage to structures under seismic shaking is 

the liquefaction of saturated sand. Loose sand tends to bond under the cyclic loading 

imposed by earthquake shaking, that can cause increase in excess pore water pressure if 

the soil is saturated and unable to drain during earthquake. This results in reduction in 

soil effective stress and consequently substantial loss of soil strength and stiffness (Booth 

and Fenwick 1994; Bhattacharya and Madabhushi 2008).  Several infrastructures and 

buildings suffered severe damages from soil liquefaction in the past earthquakes such as 

the 1964 Niigata, the 1971 San Fernando, the 1989 Loma Prieta and the 1995 Kobe 

earthquakes (Abdoun and Dobry 2002; Brandenberg et al. 2018; Jiménez et al. 2019; 

Zimmaro et al. 2020). 

The liquefaction hazard should be evaluated in the seismic design of the projects. 

This includes undertaking liquefaction assessment to identify layers with liquefaction 

potential under the design earthquakes. The consequences of onset of potential 

liquefaction should be assessed and addressed in the design. From authors design 

experience, ground improvement techniques (e.g. deep cement mixing, jet grouting, stone 
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columns) or pile foundations are common solutions to mitigate the liquefaction hazard in 

the design of large LNG tanks. While ground improvement techniques are considered to 

be more economical in many cases, their application depends on site ground conditions, 

extent of the liquefiable hazard, and project specific requirements. On the other hand, pile 

foundations offer a robust solution for the design of large LNG tanks and have been 

adopted in many projects. 

The seismic response of large LNG tanks founded on potentially liquefiable soil 

needs a precise consideration of soil-pile-structure interaction. This is not only required 

for the design of pile elements, but the impact of soil liquefaction on the overall response 

of the LNG tanks is crucial and should be well understood. Many studies had highlighted 

the potential failure of pile foundation in liquefiable soils due to buckling instability, 

bending, shear or settlement failures of piles during earthquakes (e.g. Tokimatsu et al. 

1996; Dash et al. 2009; Haldar and Babu 2010; Zhuang et al. 2015). However, there is 

very limited research available in the literature on the response of LNG tanks founded on 

pile foundation in potentially liquefiable soil deposits. Thus, in this study, the effect of 

the depth of liquefied soil deposit on the seismic response of LNG tank supported by pile 

foundation will be examined using three-dimensional finite element analysis. Results of 

this study can be used to assess the seismic efficiency of end-bearing pile foundation to 

support extra-large LNG tanks on liquefiable soils without ground improvement.  

5.3 Overview of adopted LNG tank and soil profile 

In this study, a 160,000 m3 full containment LNG tank is used to perform the 

seismic analysis. The adopted LNG tank is an example of extra-large tank constructed in 

highly to moderately seismic regions. This tank consists of an open top 9% Ni steel inner 

tank and an outer reinforced concrete (RC) tank with fixed roof, sitting on end-bearing 
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pile raft foundation system. Figure 5.1 shows the overview of the structural and 

geometrical features of the adopted LNG tank. The total height of the outer RC tank is 

51.20 m, the outer tank wall is 42.27 m high, the inner tank wall is 40.0 m high and the 

LNG design level in the inner tank is 36.0 m. The inner 9% Ni steel tank wall thickness 

is varying from 40.0 mm (bottom) to 10.0 mm (top), and the outer tank wall thickness is 

800 mm. Figure 5.1b illustrates the layout of 289 reinforce concrete piles, while Figure 

5.1c shows the details of the piles supporting the raft foundation (i.e. tank slab).  

Figure 5.2 shows the adopted soil profiles in this study to assess the impacts of 

depth of liquefiable soil on the seismic response of the LNG tanks. Figure 5.2a shows the 

adopted benchmark scenario in which the LNG tank sitting on soft clay soil deposit (non-

liquefiable) with the average shear wave velocity Vs = 225 m/s for the top 15.0 m of soil 

deposit, and Vs = 270 m/s from 15.0 m to 30.0 m depth. This benchmark subsoil profile 

(Scenario I) is classified as site Class C (Soft Soil Site) according to AS/NZS1170.4 

(2004). It should be note that it is assumed that the soil deposit is underlain by Sandstone 

rock with shear wave velocity in excess of 760 m/s and the unconfined compressive 

strength greater than 50 MPa. To assess impacts of presence of liquefiable soil deposit on 

the seismic response of LNG tank system, three other scenarios with different depths of 

liquefiable soil are considered as in Figure 5.2, namely Scenario II (5 m deep liquefied 

soil), Scenario III (10 m deep liquefied soil) and Scenario IV (15 m liquefied soil). Further 

details about adopted properties of the liquefied soil deposits are provided in the next 

section.  
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(a)
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(b)

(c)

Figure 5.1 The LNG tank adopted in this study (a) LNG tank configuration including the 

superstructure and foundation details; (b) the plan view of the arrangement 289 piles 

supporting the LNG tank and (c) end bearing pile details.
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Figure 5.2 Soil profile scenarios used in the study (a) Scenario I (benchmark case - non-liquefied soil); (b) Scenario II with 5.0 m deep liquefied soil; (c) 

Scenario III with 10.0 m deep liquefied soil and (d) Scenario IV with 15.0 deep liquefied soil.
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5.4 Details of numerical modelling 

In this study, the three dimensional finite element analysis was conducted using 

ABAQUS (2018) software, where the superstructure, pile foundation and the soil were 

simulated using fully nonlinear direct method (Kramer 1996), where the LNG tank, 

foundation and the soil were treated with the same rigour. Taking the advantage of the 

fact that the problem is symmetric about the line of symmetry parallel to the direction of 

the applied earthquake, only half of the model was simulated in this study as shown in 

Figure 5.3. 

5.4.1 Modelling of the inner and outer tanks and pile foundation 

The inner 9% Ni steel and outer reinforced (RC) concrete tanks were modelled 

using S4R shell elements. Additionally, the steel reinforcements in the RC tank wall, roof 

and slab were modelled as uniaxial reinforcement layers embedded in the shell element, 

similar to the technique used by other researchers to simulate axial and circumferential 

steel rebars (e.g. Nateghi and Yakhchalian 2011; Hafez  2012; Zhai et al. 2018). 

5.4.1.1 Modelling of Outer Reinforced Concrete Tank 

The concrete damage plasticity (CDP) model was implemented in this study to model the 

outer concrete containment of LNG tank under the seismic loading. As explained by 

several researchers (Zhai et al. 2018; Hafez 2012; Dulinska and Jasinska 2014), this 

model is suitable to capture the concrete behaviour under dynamic loading particularly 

for thin wall structures such as concrete tanks and pipes. Indeed, this model adopts 

plasticity-based damage for the concrete, assuming two failure mechanisms, namely the 

tensile cracking and compressive crushing to represent the inelastic behaviour of 

concrete. The development of yield surfaces was controlled by two hardening variables, 
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namely the tensile plastic strain (휀�̅�
𝑝𝑙
), and the compressive plastic strain (휀�̅�

𝑝𝑙
). where  𝑓𝑏0 

and 𝑓𝑐0  are the biaxial and uniaxial compressive yield strengths, respectively. Moreover, 

�̅�𝑐 and �̅�𝑡 are the effective compressive and tensile stresses respectively (i.e. the stresses 

determined based on undamaged elastic stiffness). 𝐾𝑐 is the ratio of the second stress 

invariants on tensile and compressive meridians, which explains the shape of the yield 

surface. Since the CDP model adopts non-associated flow rule the yield surface differs 

from the “potential plastic flow”, which utilises the Drucker-Prager hyperbolic function 

to formulate the flow potential function Q as follows: 

𝑄 = √(𝜖 𝜎𝑡0 tan ψ )2 + �̅�2 − �̅� tan ψ (5.1) 

where, 𝜎𝑡0 is the tensile stress at failure (i.e. tensile strength), 𝜖 is the eccentricity of 

plastic potential surface, and 𝜓 is the dilation angle measured in �̅� −  �̅� space. 

The degradation of concrete strength and stiffness in this adopted CDP model is 

captured via tension and compression damage parameters (𝑑𝑡  and 𝑑𝑐), where these 

model parameters refer to the weakened concrete characteristics during unloading 

response as a result of cracking and crushing impacting the initial elastic stiffness (i.e. 

𝐸0). Indeed, the damage of the concrete under the tensile and the compressive stresses  is 

characterized by damage plasticity theory developed by Lubliner et al. (1989) and Lee 

and Dale (1998), so the adopted stress-strain relation under uniaxial tension and 

compression loading can be presented as follows: 

𝜎𝑡 = (1 − 𝑑𝑡)𝐸0 (휀𝑡 − 휀�̅�
𝑝𝑙
)                                                                                               (5.2) 

𝜎𝑐 = (1 − 𝑑𝑐)𝐸0 (휀𝑐 − 휀�̅�
𝑝𝑙
) (5.3) 
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Figure 5.3 The adopted finite element model used in this study for homogenous clay soil case and the modelling element details of the developed soil structure 

system. 
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 where, the subscripts t and c refer to tension and compression, respectively, and 𝐸0 refers 

to the initial stiffness of the concrete under compression and tension before any yielding 

occurs. The damage or degradation parameters (i. e. 𝑑𝑡  and 𝑑𝑐) impacting the concrete 

stiffness can take a value from zero, where there is no loss in stiffness, to one, which 

represents the total damage state of the concrete.  

 Similar to many previous studies (e.g. Miglietta et al. 2016; Murray et al. 2018), 

the impacts that reinforcing bars would have on the concrete behaviour were modelled by 

introducing tension stiffening into the tension softening section of concrete damage 

plasticity model to simulate the load transfer across cracks through the rebar. As 

Wahalathantri et al. (2011) explained, by introducing tension stiffness, strain softening 

behaviour of the cracked concrete would be revised. The key parameter required to 

formulate the tension stiffening is the cracking strain 휀�̅�𝑐𝑟, which is calculated by 

subtracting the elastic strain corresponding to the undamaged material from the total 

strain (휀𝑡).  

휀 ̅𝑡
𝑐𝑟 = 휀𝑡 −

𝜎𝑡

𝐸0
                                                                                                                   (5.4) 

As discussed by Wahalathantri et al. (2011) and reported in ABAQUS (2018), the 

cracking strain (휀 ̅𝑡𝑐𝑟) and  plastic strain (휀�̅�
𝑝𝑙) are correlated as: 

휀�̅�
𝑝𝑙
= 휀 ̅𝑡

𝑐𝑟 −
𝑑𝑡

(1 − 𝑑𝑡)
 
𝜎𝑡
𝐸0

 (5.5) 

Nayal and Rasheed (2006) reviewed different tension stiffening models, then developed 

a model based on the stress-strain relation established by Gilbert and Warner (1978), that 

considersthe tension stiffening, softening and local bond slip effects. This model captures 

the primary and secondary cracking phenomena on the stress - strain graph. Wahalathantri 

et al. (2011) modified the model to be consistent with the general formulations on CDP 

model available in ABAQUS. Figure 5.4 represents the modified tension stiffening model 
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implemented in this study. Indeed, the stress-strain relation is linear till reaching the 

tensile strength 𝜎𝑡0 (MPa), where it can be determined according to ACI 318-08 (2014) 

as below:

𝜎𝑡0 = 0.62 √𝑓′𝑐                                                                                                              (5.6)

where 𝑓′𝑐 is the concrete compressive strength in (MPa). The axial strain corresponding 

to peak tensile strength 𝜎𝑡0 is called critical tensile strain 𝑐𝑟. Then there is a rather abrupt 

drop in the state of stress to point (1.25𝑐𝑟, 0.77𝜎𝑡0). The primary cracking stage ends at 

(4𝑐𝑟, 0.45𝜎𝑡0), while the secondary cracking stage stopes at (8.7𝑐𝑟, 0.10𝜎𝑡0) as shown 

in Figure 5.4a.

(a)
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(b)

Figure 5.4 Concrete damage plasticity models used in this study (a) modified tension stiffening 

model and (b) uniaxial compressive stress- strain curve for concrete.

However, to capture the compressive stress-strain curve of the concrete following 

the initial elastic response, the compressive stress data are input in terms of the inelastic 

crushing strain 휀�̅�𝑖𝑛 which is defined as:

휀�̅�
𝑖𝑛 = 휀𝑐 −

𝜎𝑐

𝐸0
                                                                                                                    (5.7)

while the plastic strains 휀�̅�
𝑝𝑙 required for evolution of the yield surface were calculated 

based on the recommendation by Genikomsou and Polak (2015) as follows:

휀�̅�
𝑝𝑙
= 휀̅ 𝑐

𝑖𝑛 −
𝑑𝑐

(1 − 𝑑𝑐)

𝜎𝑐
𝐸0

(5.8)

To define the compressive stress - strain curve of concrete to be used for the calibration 

of the CDP model parameters, data and approach provided by Saenz (1964), shown in 

Figure 5.4b, were utilised in this study. It should be noted that many other researchers 

(e.g. Asran et al. 2016; Tahnat et al. 2018; and Sakr et al. 2019) had validated and utilised 

the compressive stress - strain relationship developed by Saenz (1964) for various grades 

of concrete.. 
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For the concrete C45 grade (i.e. 𝑓′𝑐 = 45 MPa)  adopted in this study for the outer RC

containment, the modulus of elasticity of concrete (MPa) was determined based on ACI 

318-08 (2014) as 𝐸𝑐 = 0.043 ∗ 𝜌𝑐
1.5√𝑓′𝑐   , where 𝜌𝑐 is concrete density (kg/m3) taken 

as 2500 kg/m3 in this study. The basic parameters of grade C45 concrete corresponding 

to the calibrated CDP model are summarised in Table 5.1. In addition to these parameters, 

variations of the compressive yield stress and the stiffness degradation with inelastic 

strains (i.e. 𝑐−휀̅ 𝑐
𝑖𝑛 and 𝑑𝑐 − 휀̅ 𝑐

𝑖𝑛), as well as variations of the tensile yield stresses and 

the stiffness degradation with cracking strains (i.e. 𝑡 − 휀̅ 𝑡
𝑐𝑟 and 𝑑𝑡 − 휀̅ 𝑡

𝑐𝑟), illustrated

in Figure 5.5, were adopted as the input parameters in this study. Indeed, Figure 5.5 shows 

the comparison of the typical C45 concrete response obtained from Saenz (1964) and 

Wahalathantri et al. (2011) for compression and tension, respectively and calibrated CDP 

model predictions adopting model parameters reported in Table 5.1. A reasonable 

agreement is observed, which is confirming the suitability of adopted concrete model 

parameters in this study. 

Figure 5.5 Calibration of the CDP model parameters used in this study.
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Table 5.1 Parameters used in this study to simulate the C45 concrete adopting CDP 
model. 

Property  Symbol Value  Reference 

Density (kg/m3) 𝜌𝑐 2500 Ruiz and Gutiérrez 
(2015) 

Poisson’s Ratio  0.2 Ruiz and Gutiérrez 
(2015) 

Modulus of Elasticity (GPa) 𝐸𝑐  36.057 ACI 318 (2014) 

Dilation angle ψ 36° Kmiecik and Kamiński 
(2011) 

Eccentricity  𝜖 0.1 Vermeer and De Borst 
(1984) 

Ratio of biaxial to uniaxial 
compressive yield strengths  

𝑓𝑏0/𝑓𝑐0  1.16 Kupfer et al. (1969) 

Ratio of the tensile to the 
compressive meridian   

𝐾𝑐 0.667 Oller (2014) 

 The steel reinforcement bars in the outer concrete tank were Grade 60 (𝑓𝑦 =420 

MPa) referring to ASTM A615 (2018), and were embedded in concrete in both vertical 

and circumferential directions with reinforcement content ratio 1% in both directions. The 

rebars were modelled as an equivalent smeared layer with a constant thickness determined 

based on the rebar size and spacing, while adopting rebar layered shell option available 

in ABAQUS, particularly customised for reinforced concrete simulation as mention 

earlier. In this study, it is assumed that the rebar layers were completely bonded to the 

concrete and the linear kinematic model explained earlier was used to model the steel 

reinforcement bars, with adopted model parameters summarised in Table 5.2. It should 

be noted that the outer reinforced concrete tank has a fixed reinforced concrete roof, and 

in this study the roof material is assumed to be same as the tank wall with same 

reinforcement ratios. 
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Table 5.2 Reinforcing bar parameters adopted in this study to simulate steel Grade 60. 

Parameter  Symbol Value  Reference  

Tensile strength (MPa) 𝑓𝑢𝑙𝑡  620  

ASTM A615 / 

A615M-18e1 

(2018);  

 

Tensile yield stress (MPa) 𝑓𝑦  420 

Elongation (%) 𝛿 9 

Linear kinematic 

hardening modulus 

(MPa) 

𝐶𝑟 2222 

Young’s Modulus (GPa) 𝐸𝑟 206.56  

Hawileh et al. 

(2009) 
Density (kg/m3) 𝜌𝑟 7850 

Poisson’s Ratio 𝑣 0.3 

 
5.4.1.2 Modelling of Reinforced Concrete Piles 

For the simulation of concrete piles, concrete grade C40 (𝑓′𝑐 = 40 MPa) was used 

in this study. The hybrid modelling procedure was used to capture the elastic-plastic 

response of the piles by implementing the “moment-curvature relationship” for the 

reinforced concrete pile section, where a 2-node linear beam element (B31) was 

circumscribed by solid eight-node brick elements (C3D8R) to model the pile. The soil 

brick elements were defined with a nominal flexural stiffness. Considering the pile 

geometrical characteristics and reinforcement content, the bending moment-curvature 

relationship of the piles was established as in Figure 5.6 using SAP2000 software, and 

assigned to the beam element in the centre of concrete pile. It should be noted that other 

general beam section details including the Young’s modulus of 30.1 GPa, the Poisson’s 

ratio of 0.3, and the mass density of 2500 kg/m3 were assigned to the pile element.   
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Figure 5.6 Moment-curvature response of the concrete reinforced pile section adopted in 

this study with the pile cross section details.

5.4.1.3 Modelling of inner 9% Ni steel tank

The linear kinematic hardening model was considered in this study to model the 

inelastic behaviour of the inner steel tank made of 9% Ni steel, recognized by the ASTM 

A353 (2014) for cryogenic service temperatures, while considering linear elastic 

behaviour when the stress state is within the yield surface. The linear kinematic hardening 

model was used in several previous research studies for seismic analysis of steel structures 

(e.g. Zakavi et al. 2014; Mizuno et al. 2014). The adopted constitutive model to simulate 

the metal inelastic behaviour under cyclic loading, adopts von Mises yield surface as 

defined in Equation (5.9). In this model, the equivalent Mises stress (i.e. 𝑓(𝜎 − 𝛼) ) is 

defined with respect to kinematic shift stress (also known as the back-stress ) which 

describes the translation of the yield surface in the stress space. It should be noted that in 

Equation (5.9), the yield stress 𝜎𝑦  defines the size of yield surface which separates elastic 

and elastoplastic responses. 
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𝐹 = 𝑓(𝜎 − 𝛼) − 𝜎𝑦 = 0                                                                                                                   (5.9) 

where 𝜎𝑦is the yield stress and 𝑓(𝜎 − 𝛼) is the equivalent Mises stress with respect to the 

back stress, , which determines the kinematic evolution of the yield surface in the stress 

space. The adopted linear kinematic hardening model in this study assumes associated 

plastic flow rule which is acceptable for metals subjected to cyclic loading (Chun et al. 

2002; Hashiguchi and Ueno 2017; Koo et al. 2019). The evolution of the hardening law 

adopted in this study follows the linear Ziegler (1959) hardening law as formulated below: 

�̇� = 𝐶𝑠
1

𝜎𝑦
 (𝜎 − 𝛼) 휀 ̅̇𝑝𝑙                                                                                                                                                                                        (5.10) 

where 휀̅̇𝑝𝑙 is the equivalent plastic strain rate, 𝐶𝑠 is the kinematic hardening modulus for 

steel which remains constant in this model, and 𝜎𝑦 is the equivalent stress denoting the 

size of the yield surface which remains constant and equal to yield stress at zero plastic 

strain (𝜎|0). In this model the kinematic hardening parameter  is obtained to be a “purely 

kinematic” following the linear  Ziegler (1959) hardening law, and the “relaxation term” 

(or the recall term 𝛾𝑘𝛼휀̅̇𝑝𝑙 mentioned in Equation 5.23) is omitted since 𝛾𝑘  is assumed to 

be equal to zero. 

As explained by Driver et al. (1998), the linear kinematic hardening model 

adopted here takes the Bauschinger effect into consideration. In other words, the model 

allows the straining in one direction (e.g. tension of compression) decrease the yield stress 

in the opposite direction (i.e. compression and tension correspondingly). Figure 5.7 

illustrates the adopted stress-strain behaviour considering the linear kinematic hardening 

model with hysteresis effects to simulate response of 9% Ni steel. Indeed, the stress-strain 

relation follows linear elastic behaviour with initial stiffness 𝐸𝑠 until the yield condition 



157 

at point (𝜎𝑦, 휀𝑦) is reached. Then the stress-strain relationship continues with a post-yield 

modulus 𝐸𝑡. As shown in Figure 5.7 and Figure 5.8, it should be noted that the post yield 

modulus is different from the plastic modulus; the post yield modulus refers to the slope 

of the total strain and stress, while the plastic modulus (i.e Cs) is the slop of the plastic 

strain versus stress. Furthermore, the inelastic material properties must be entered  into 

ABAQUS as “Cauchy stress” 𝜎𝑡𝑟𝑢𝑒  and “true logarithmic strain” 휀𝑡𝑟𝑢𝑒   values, that can 

be considered from the  nominal  stress- strain values (𝜎𝑒𝑛𝑔, 휀𝑒𝑛𝑔) using Lubliner (1990) 

equations: 

𝜎𝑡𝑟𝑢𝑒 =  𝜎𝑒𝑛𝑔(1 + 휀𝑒𝑛𝑔) (5.11) 

𝑡𝑟𝑢𝑒 =  𝑙𝑛(1 + 휀𝑒𝑛𝑔)                                                           (5.12) 

The inelastic input parameters for this model into ABAQUS are only two data pairs, the 

yield stress at zero plastic strain 𝜎|0, and the yield stress 𝜎𝑦 at finite plastic strain 휀𝑝𝑙; 

which are used to determine the linear kinematic hardening modulus (i.e. plastic modulus) 

from the following relation: 

𝐶𝑠 = 
𝜎−𝜎|°

𝜀𝑝𝑙
                                                                                (5.13) 

The linear kinematic hardening model parameters for 9% Ni steel used in this study is 

summarized in Table 5.3. 



158

Figure 5.7 Hysteresis linear kinematic hardening model adopted.

Figure 5.8 The relation between the initial stiffness, tangent modulus and initial kinematic 

hardening modulus of the steel.
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Table 5.3 Linear kinematic hardening model parameters for inner 9% Ni steel tank used 
in this study. 

Property  Symbol Value  Reference  

Ultimate stress (MPa) 𝜎𝑢𝑙𝑡 662  

El-Batahgy 

et al. (2018)  

 

 

Yield stress (MPa) 𝜎𝑦 515 

Elongation (%) 𝛿 28 

Linear kinematic hardening 

modulus (MPa) 

𝐶𝑠 275 

Young’s Modulus (GPa) 𝐸𝑠 205  

Aggen and 

Allen (2018) 

Density (kg/m3) 𝜌𝑠𝑡𝑒𝑒𝑙  7850 

Poisson’s Ratio  0.29 

 

5.4.2 Modelling of the Fluid-Structure Interaction 

The hydrodynamic forces exerted from the accelerated fluid to the tank walls are 

commonly considered in two main modes of vibration; one is due to the rigid movement 

of the fluid which is called the impulsive force, while the other mode is due to surface 

waves and sloshing of the liquid, called convective force. In practical analysis and design, 

these forces are represented using simplified mechanical spring-mass models (Houser 

1957), where these two forces are modelled as concentrated equivalent masses attached 

to the tank wall via link or spring elements with appropriate stiffness. Further 

developments were done by Virella et al. (2006) by adopting distributed masses, also 

recognized by Eurocode-8 (2006), which is known as a rigorous and a sound alternative 

model to Houser (1957) simplified mechanical model.  In Virella et al. (2006) model, 

instead of using one concentrated mass to represent the impulsive force, the mass is spread 

along the tank wall in several segments as added masses. Indeed, usually these distributed 
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masses are linked to the wall nodes via rigid springs. In general, the  Virella et al. (2006) 

replaced the hydrodynamic concentrated forces of  Houser (1957) mechanical model with 

equivalent distributed pressure along the tank wall.  

In this study, the FSI is considered by combining the Houser (1957) spring-mass 

model and the distributed pressure method of Virella et al. (2006). Indeed, the 

concentrated convective mass was used to model the convective force based on Houser 

(1957) and API-650 (2007), while the impulsive mass model based on  Virella et al. 

(2006) and Eurocode-8 (2006) pressure distribution method was used to simulate the 

impulsive force. The adopted techniques deem suitable since the convective mode is 

generally uncoupled and independent from the impulsive mode, and can have less impact 

on the overall response of the liquid storage tank under horizontal loading, and many 

previous studies ignored the convective mode of liquid when adopting the add-mass 

approach for the sake of simplicity (e.g. Virella et al. 2006; Buratti and Tavano 2014).  

As mentioned above, the convective force was modelled using spring - mass 

model, including the first convective mode of vibration only for the single convective 

mass (i.e. Mcon) attached to the inner tank at a height of Hcon (the centre of action or 

effective height of the convective mass) via springs with a stiffness equal to Kcon, where 

in this study the springs were used to connect the convective mass to the tank wall in the 

horizontal direction (i.e. earthquake acceleration direction). The required parameters to 

capture the convective hydrodynamic effect were determined using the equations 3.4 to 

3.7 (explained in chapter 3), where these equations obtained from API-650 (2007). 

For the impulsive mass modelling, Eurocode-8 (2006) was used, in which the 

distribution “spatial-temporal” of the impulsive hydrodynamic pressure (𝑝𝑖𝑚𝑝) were 

determined by equations 3.1 to 3.3 (as explained in chapter 3) to obtain the distributed 

impulsive masses 𝑚𝑖𝑚𝑝. Indeed, Equation (3.3) was used to calculate the equivalent mass 
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at each segment of tank wall, which was 1.0 m segment along the tank wall in this study. 

As recommended by Virella et al. (2006), a convenient alternative to avoid attaching 

lumped masses via rigid link elements, is including these extra masses by increasing the 

wall density in each segment, which was used in this study to reduce the computational 

time. 

5.4.3 Modelling of the soil deposit 

5.4.3.1 Modelling of clay soil deposit 

The nonlinear kinematic hardening model, was implemented in this study to 

model the cyclic behaviour of clay (non-liquefiable soil) under seismic loading. This 

pressure-independent plasticity model based on von Mises yield criteria, and associated 

flow rule, can be considered as appropriate model for nonlinear cyclic behaviour of 

pressure independent material, such as clay under undrained condition (Zhang and Tang 

2007). As explained by George et al. (2016) and Zhu (2019), the key parameters of this 

model are Young’s modulus, Poisson’s ratio, and stress - strain curve of stabilised loading 

cycle obtained from the triaxial shear test. Based on the modification work done by 

Armstrong and Frederick (1966) on the original model which was proposed by  Lemaitre 

and Chaboche (1994), the yield surface of the adopted nonlinear kinematic hardening 

constitutive model is defined according to Equation (5.9), while the equivalent Mises 

stress can be defined by the following relation: 

𝑓(𝜎 − 𝛼) = √
3

2
(𝑆 − 𝛼𝑑𝑒𝑣): (𝑆 − 𝛼𝑑𝑒𝑣)                                                           

(5.14) 

where S is the deviatoric stress tensor, and dev is the deviatoric part of back stress tensor. 

In the adopted model, an associated flow rule is adopted to obtain the required kinematic 

hardening flow rule as reported by Zhu (2019). The hardening rule of this model is a 

mixed nonlinear isotropic-kinematic hardening making it suitable for capturing the cyclic 
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behaviour of soils as explained by Elia and Rouainia (2016) and Mucciacciaro and Sica 

(2018). Indeed, the nonlinear kinematic hardening parameter defines the change of the 

yield surface in stress space through the back stress (), as it is described by the 

superposition of pure kinematic and relaxation (source of the nonlinear behaviour) terms, 

while the isotropic hardening parameter defines the modification of the equivalent stress 

controlling the size of the yield surface (𝜎𝑦) as a function of plastic distortion. The 

isotropic hardening behaviour adopted in this study follows a simple exponential law as 

reported by ABAQUS (2018) and Zhu (2019) and presented in Equation (5.15), and data 

fitting can be utilised to obtain the model parameters by directly introducing data points 

for the yield surface size and plastic strains.  

𝜎𝑦 = 𝜎|0 + 𝑄∞(1 − 𝑒−𝑏�̅�
𝑝𝑙
)                                                                            (5.15) 

where 𝜎|0 is the yield stress at zero plastic strain and 𝑄∞ and b are parameters need to be 

defined for each soil, corresponding to the maximum change in the size of the yield 

surface, and the parameter defining the degree at which the size of the yield surface 

variations as plastic straining progresses, respectively. It should be noted that when the 

equivalent stress denoting the size of the yield surface keeps unchanged (𝑖. 𝑒. 𝜎𝑦 = 𝜎|0 ), 

the general combined nonlinear isotropic-kinematic hardening model reduces to only 

nonlinear kinematic hardening model, which is adopted in this study. 

The evolution of the kinematic component for the yield surface on the stress space 

based on  Ziegler (1959)  kinematic hardening law is presented below: 

𝛼 ̇𝑘 = 𝐶𝑘
1

𝜎𝑦
 (𝜎 − 𝛼)휀̅̇𝑝𝑙 − 𝛾𝑘𝛼휀̅̇

𝑝𝑙 (5.16) 

where (𝛼𝑘) is the back-stress tensor, 𝐶𝑘 and 𝛾𝑘  are material parameters for each back 

stress 𝛼𝑘 , which are obtained through calibration using cyclic test data. Indeed, 𝐶𝑘 is the 



163

initial kinematic hardening moduli, and 𝛾𝑘 controls the degree at which the kinematic 

hardening moduli decreases with the plastic strains for each back stress 𝛼𝑘 . It should be 

noted that the recall term 𝛾𝑘𝛼휀̅̇𝑝𝑙 introduces the nonlinearity to the evolution law proposed 

by Chaboche and Lemaitre (1990).

Moreover, each back stress is covering a different range of equivalent plastic 

strains, so the overall back stress is computed by summation of back stresses: 

𝛼 =∑ 𝛼𝑘
𝑁

𝑘=1
(5.17)

The kinematic and isotropic hardening components are illustrated in Figure 5.9a

for uniaxial loading, while Figure 5.9b illustrates the same for more generalised stresses 

for multiaxial loading. It is evident that the kinematic hardening component implies that 

the back stress is limited inside a cylinder of radius√2

3
𝛼𝑠 , where 𝛼𝑠 is the value of  at 

large plastic strains (known as saturation condition), while the stress points lie within a 

cylinder with radius√2

3
𝜎𝑚𝑎𝑥 (represented in Figure 5.9) since the yield surface remains 

bounded. 

(a)
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(b)

Figure 5.9 Soil nonlinear kinematic model (a) One-dimensional illustration of the 

hardening in the nonlinear kinematic model; (b) the generalised stresses for multiaxial 

loading in three-dimensional illustration of the hardening in the nonlinear kinematic 

model.

As explained above, the adopted nonlinear kinematic hardening model requires 

input parameters 𝐶𝑘 and 𝛾𝑘 , or directly input triaxial shear test data corresponding to the 

stress-strain data points for stabilised cyclic curve.  In this study, the soil properties, 

corresponding to the site class C and the density and shear wave velocity taken from in-

situ tests are clay=1650 kg/m3 and 1950 kg/m3, with Vs =225 m/s and 270 m/s, for the top 

15 m and the second 15.0 m, respectively. The maximum shear modulus (𝐺𝑚𝑎𝑥) of the 

adopted soil was obtained from the following relationship:

𝐺𝑚𝑎𝑥 = 𝜌𝑠𝑜𝑖𝑙 ∗ 𝑉𝑠
2 (5.18)

As shown in Figure 5.10, Sun et al. (1988) summarised backbone curves for 

practical application in seismic site response analysis for cohesive soils. The backbone 

curves adopted in this study capture the variations of modulus reduction ratio (G/Gmax) 
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and damping ratio (ξ) with cyclic shear strain (γ) for cohesive soils obtained from cyclic 

simple shear and resonant column test results. To obtained an analytical formulation 

fitting the backbone laboratory measurements, Hardin and Drnevich (1972) model, as 

shown below, was  adopted in this study.

𝜏 =
𝐺𝑚𝑎𝑥

1 +
𝛾
𝛾𝑟𝑒𝑓

(5.19)

𝜉𝑑𝑎𝑚𝑝𝑖𝑛𝑔 = 𝜉𝑚𝑎𝑥(1 −
𝐺

𝐺𝑚𝑎𝑥
)

(5.20)

where 𝜏 is the shear stress, ξ is the damping ratio, G is secant shear modulus,  is the 

cyclic shear strain of the soil, and ref is Hardin and Drnevich (1972) constant to get a best 

fit for backbone curves for modulus reduction and damping ratio. The calibrated value of 

ref = 0.234 resulted in the best match for backbone curves with coefficient of 

determination R2 equal to 0.88 and 0.80 for the modulus reduction curve and damping 

ratio, respectively, as evident in Figure 5.10.

Figure 5.10 Implemented fitting curve for cohesive soil.
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Since the kinematic hardening model adopted in this study for cyclic behaviours 

of soils required the stabilised stress-strain cycle,  Masing (1926) rule presented in 

Equation (5.21) was used to obtain the  cyclic shear stress - strain behaviour.  In this 

study, it is assumed that the stabilised cyclic loading - unloading curve is reached at cyclic 

shear strain value of 2% beyond which the shear modulus remains unchanged.  

𝜏 − 𝜏𝑟𝑒𝑣 = 
𝐺𝑚𝑎𝑥  (𝛾 − 𝛾𝑟𝑒𝑣 )

1 + (
|𝛾 − 𝛾𝑟𝑒𝑣|
2 ∗ 𝛾𝑟𝑒𝑓

)
 (5.21) 

where 𝜏𝑟𝑒𝑣 and 𝛾𝑟𝑒𝑣 are the shear stress and cyclic shear strain at the reversal point.  

The stabilised loading cyclic was used to obtain the kinematic hardening parameters by 

inputting the shear stress and plastic shear strain data points from the re-yielding point to 

the reversal point.  Indeed, using an ABAQUS subroutine, a curve fit analysis was 

conducted to determine the combined hardening constants based on the shear - stress 

strain data points. Referring to Equation (5.17), by adopting several back stresses and 

calibrating the parameters, a larger strain range can be covered resulting in more accurate 

predictions. Thus, in this study two back stresses were adopted which resulted in more 

reliable predictions. Table 5.4 summarises soil properties and the calibrated kinematic 

hardening model parameters adopted in this study. 

Figure 5.11 illustrates the comparison of the calibrated kinematic hardening model 

adopted in this study versus the laboratory measurements obtained from Sun et al. (1988) 

experiments while adopting Masing (1926) rule to obtain closed loading-unloading cyclic 

loop. As evident, the predictions adopting kinematic hardening model are in good 

agreement with the experimental data, confirming the suitability of the adopted nonlinear 

kinematic hardening model and calibrated parameters to simulate the cyclic response of 
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adopted soft clay deposits. 

Table 5.4 Clay soil properties and calibrated nonlinear kinematic hardening model 
parameters. 

Soil properties  Symbol Value for Soft 
clay layer 1 

Value for Soft clay 
layer 2 

Density (kg/m3) 

Undrained shear strength (kPa) 

clay 

Cu 

1750 

18.5 

1950 

24 

Shear wave velocity (m/s) 

Small strain shear modulus (MPa) 

Poisson's Ratio  

Calibrated initial kinematic 

hardening modulus (MPa) 

Calibrated hardening modulus 

decreasing rate  

Vs 

Gmax 

ν 

Ck1 ,  Ck2 

k1 and k2 

225 

88.1 

0.3 

26.1, 250 

1150, 1450 

270 

142.1 

0.49 

45.9, 280 

1170.36, 1600 
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Figure 5.11 Comparison of cyclic stress-strain predictions adopting the calibrated 

kinematic hardening model and corresponding experimental data for clayey soils (a) clay 

soil layer 1 (from 0.0 m to 15.0 m depth) and (b) clay soil layer 2 (from 15.0 m to 30.0 m 

depth). 

5.4.3.2 Modelling of liquefied soil deposit 

Large pore water pressures can be generated in saturated loose granular soils 

under undrained conditions during strong earthquake, resulting in a reduction in effective 

stresses and, as a result, a significant loss in strength and stiffness. The presence of 

groundwater, the particle size distribution of the soil, the in-situ relative density of the 

soil, the effective confining stress, and the amplitude and duration of ground vibrations 

are factors that influence the beginning of liquefaction. 

The current state-of-the-practice approach commonly adopted in projects has been used 

to obtain the post-liquefaction properties of the liquified layers for modelling. The 

adopted approach is in accordance with Idriss and Boulanger (2008), where the residual 

shear resistance of liquefied sand, Sr, were estimated based on back analysis of several 
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field case histories. Idriss and Boulanger (2008) correlated the residual shear strength 

with the ground in-situ penetration test measurements (SPT or CPT). In this study, the 

correlation (Equation 5.22) based on equivalent clean sand corrected SPT value, 

(N1)60cs−Sr, is adopted for condition in which the effects of void redistribution are 

considered negligible: 

𝑆𝑟/�́�𝑣𝑐   =(
(𝑁1)60𝑐𝑠−𝑆𝑟

16
+ (

(𝑁1)60𝑐𝑠−𝑆𝑟−16

21.2
)
3

− 3.0) ≤ tan �́�  (5.22) 

where Sr/σ'vc is residual shear strength ratio, σ'vc is effective vertical stress pre-

liquefaction, and φ’ is effective friction angle of the liquefiable layer (before onset of 

liquefaction). The idea of correlating residual strength with (N1)60cs−Sr was initially 

proposed by Seed (1987) and considered logical on the basis of critical-state concepts and 

established correlations between the overburden correlated penetration resistance and in-

situ relative density (Idriss and Boulanger, 2018). 

Table 5.5 summarizes the post-liquefaction soil properties used in this study. The 

damping behaviour of the liquefied soil was captured using Rayleigh damping 

formulation via Rayleigh damping coefficients 𝛼𝑑𝑎𝑚𝑝𝑖𝑛𝑔  and 𝛽𝑑𝑎𝑚𝑝𝑖𝑛𝑔 , calculated based 

on the first and second mode natural frequency of the liquefied soil deposit and 20% 

damping ratio for the liquefied soil referring to Poulos (2017), Boulanger et al. (2014) 

and Lombardi and Bhattacharya (2014). Rayleigh damping coefficients adopted in this 

study for different liquefied soil thicknesses are presented in Table 5.5. 
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Table 5.5 Post-liquefaction residual properties for sand. 

  Liquified 
soil layer 1 

Liquified 
soil layer 2 

Liquified 
soil layer 3 

Soil properties Symbol Value Value Value 

Density (kg/m3) liq 1650 

Friction angle (Degree) Φ 0 

Poisson's Ratio ν 0.49 

Equivalent SPT value  (𝑁1)60𝑐𝑠−𝑆𝑟  14 

Residual Shear Stress Ratio 
(based on Idriss and Boulanger, 
2008) 

Sr/σ'vo 0.12 

Effective Stress at mid. of 
liquefiable layer (kPa) 

σ'v 40 121 202 

Residual Shear Strength (kPa) Sr 4.85 14.5 24.3 

Residual Shear Stiffness (kPa) Gliq. 243 728 1213 

Residual Shear Wave Velocity 
(m/s) 

Vs(liq.) 12 21 27 

Adopted Rayleigh damping 
parameters 

𝛼        0.659 

       0.062 

       1.21 

       0.033 

      1.72 

 0.0218 Β 

5.4.4 Modelling of interfaces, boundary conditions and the adopted 

earthquakes 

To include the SSI effect and capturing the possible separation or sliding between 

the subsoil and the piles, and between the subsoil and the foundation raft (i.e. outer tank 

slab), interfaces were defined between the mentioned surfaces. For the normal response 

of interacting surfaces, the hard contact algorithm was used by defining the relationship 

between the contact pressure (p) and the overclosure (h) between the master and slave 

surfaces. Indeed, the pressure was transferred between interacting surfaces when the 

overclosure between them was zero (i.e. h = 0). In this adopted hard contact model, 
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penalty algorithm, based on stiff approximation of contacting surfaces, was implemented 

to avoid over-constraining issue in the modelling, and thus a minor penetration for the 

interacting surfaces, was allowed. Moreover, for the tangential interaction between the 

interacting surfaces, the “Coulomb frictional model” via penalty option was implemented, 

where the comparative movement in the contacting surfaces was controlled by defining a 

critical shear stress between them ( 𝒄𝒓𝒊𝒕𝒊𝒄𝒂𝒍 = μ. P), which is proportional to the contact 

pressure through the friction coefficient (μ),  where the relative movement can occur when 

the shear stress between the contacting surfaces exceeds the critical shear stress (i.e. the 

frictional resistance between the surfaces). The friction coefficients (μ) between the clay 

subsoil and the raft surfaces, and between the subsoil and pile surfaces were considered 

to be 0.4 and 0.35, respectively (Rasouli and Fatahi 2021; Agalianos et al. 2020). It should 

be noted that frictionless interfaces were used between the liquefied soil and foundation 

elements. Moreover, the rigid connection between the pile head and the raft foundation 

was imposed via the tie constraint condition available in ABAQUS.  

The numerical analyses for the tanks – foundation - soil system was performed in 

two steps; the initial step, which was static analysis, considered the gravity loads for the 

entire system, followed by the second step which was application of earthquake 

acceleration at the model base in X-direction only adopting dynamic implicit stepping 

technique. During the static analysis, the bottom of the soil deposit was fixed in all 

directions, and the vertical movements were allowed on the side boundaries, while the 

displacements normal to the side boundaries were disallowed. During the dynamic 

analysis, the infinite boundaries were introduced on the side boundaries replacing the 

initial roller boundaries. The adopted one way 8 nodes infinite elements CIN3D8 (see 

Figure 5.3) are appropriate solid elements representing the far-field soil, capturing the 

initial static equilibrium conditions (Zienkiewicz et al. 1983) and absorbing the energy 
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from the unbounded soil area under dynamic loading (Lysmer and Kuhlemeyer 1969).  

During the dynamic analysis the response of these elements are isotropic linear elastic 

and represent the infinite model where the normal waves are not allowed to be reflected 

and the damping of the normal velocity of these boundaries are governing by the 

following equations:  

𝜌𝑐𝑝 =  𝜌√
𝜆 + 2𝐺

𝜌
 

(5.23) 

𝜌𝑐𝑠𝑣 =  𝜌√
𝐺

𝜌
 

(5.24) 

 where cp and csv are the compressive and shear wave velocities of the soil, 𝜌 is the mass 

density of the material, and 𝜆 and 𝐺 are Lamé's constants. It should be noted that the 

adopted infinite elements eliminate energy transmission for plane waves crossing the 

boundary, while the wave propagation upward will not be distorted. 

For the input seismic excitations, one near-field earthquake 1999 Chi-Chi 

earthquake and one far-field earthquake, 1968 Hachinohe earthquake, were used to study 

the dynamic response of the LNG tank. In general, the seismic design of LNG tanks 

follows the same scenario of nuclear power plants by applying the two earthquake levels, 

namely the Operating Basis Earthquake (OBE) and Safe Shutdown Earthquake (SSE). 

Under OBE, the LNG storage system needs to remain fully operational with no damage, 

while subjected to SSE, no leakage of LNG should occur. In this study, the response of 

LNG tank system subject to SSE was assessed.  

To minimise the scatter in the response of earthquake engineering demand 

parameters, the seismic input motions are suggested to be scaled using spectral matching 

method (Guzel 2019). The spectral matching which to match a target response spectrum 

using SeismoMatch software (SEISMOSOFT 2016). 
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To simulate earthquake wave transmitted from bedrock (i.e. high shear wave 

velocity) via assessed ground condition to the LNG tank, the response spectra of input 

motions were scaled to the target response spectrum representing Site Class A (i.e. strong 

rock site) from AS/NZS1170.5 (2004) as shown in Figure 5.12. The shape of target 

spectrum is defined by the response spectrum acceleration factor C(T) using Equation 

(5.25).  

𝐶(𝑇) =  𝐶ℎ(𝑇)𝑍𝑅 {1 + (𝑁𝑚𝑎𝑥 − 1) [
20 − 𝐷𝑘
18

]} (5.25) 

where 𝐶ℎ(𝑇) is spectral shape factor which depends on the site subsoil class and 

structure period (T), Z is the hazard factor equal to 0.4 for Wellington city in New Zealand 

based on the available site hazard map. R is the return period factor taken as 1.8 (i.e. 

annual probability of exceedance (APE) of 1/2500) for the SSE earthquake level for tank 

containing hazardous liquid based on importance level of 4 and design working life of 

100 years taken from AS/NZS1170.5 (2004). 𝑁𝑚𝑎𝑥 and Dk are factors related to near fault 

properties, where 𝑁𝑚𝑎𝑥 is the maximum near fault factor and taken to be 1 in this study; 

and Dk is the shortest distance between the site and the nearest fault which was considered 

to be 2 in this study. 

A specified period range, the minimum and maximum periods of 0.4 seconds and 

1.5 second, respectively which covers the period range of soil-structure system under 

seismic load, was defined to perform spectral matching. Figure 5.13 shows the original 

and scaled accelerogram. It should be noted that baseline correction was conducted after 

the selected accelerogram being spectral matched. The scaled accelerogram was applied 

at the base of the soil-structure model to perform dynamic analysis. 
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Figure 5.12 The target acceleration response spectra and the original with the scaled 

acceleration response spectrum for the applied earthquake. 
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Figure 5.13 Earthquake records scaled and used from: (a) 1999 Chi-Chi earthquake; (b) 

1968 Hachinohe earthquake. 

5.5 Results and discussion 

In this section, the results of free vibration and time history analyses are presented 

to assess the dynamic response of LNG tank system while capturing effect of soil 

liquefaction on the seismic response of the pile foundation and the superstructure. 

Initially, the free vibration analysis results are presented, and then numerical predictions 

from the nonlinear time history analysis under the 1999 Chi-Chi and the 1968 Hachinohe 

earthquakes are presented and discussed. 

5.5.1 Free vibration analysis 

In this study, the modal analysis was performed for the LNG tank using Block 

Lanczos algorithm. Firstly, the modal analysis on the fixed base tank (no foundation 

movement) was conducted as a reference to highlight importance of SSI when compared 

with other cases capturing the soil and foundation movements. Since the impulsive and 
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convective hydrodynamic forces were modelled using added mass and spring-mass 

methods, respectively, the first impulsive and convective modes of the LNG were 

captured in the numerical model and the corresponding predicted natural periods were 

compared with the analytical formulations available in API-650 (2007) as explained 

previously in equations 3.10 and 3.11. It should be mentioned that the density of LNG 

assumed to be 480 kg/m3. 

Table 5.6 summarise the FEA predictions and the analytical calculations for the 

natural period of inner LNG tank. Moreover, Figures 5.14a and 5.14b show the vibration 

mode shapes for both impulsive and convective first modes. It can be noticed that the first 

impulsive mode shape is the beam type mode, where the liquid and the tank wall vibrated 

similar to a cantilever beam as a result of rigid movement of the impulsive LNG mass 

attached to the tank wall. In addition, the convective mass vibrated in the horizontal 

direction since it was tied to the tank wall via springs controlling the stiffness of the 

vibrating mass. Figure 5.14c represents the first mode shape for outer concrete tank, and 

it is evident that the first mode shape corresponded to tank roof. Moreover, Table 5.6 

verifies the suitability of the proposed mechanical model to simulate FSI in the three-

dimensional finite element model used in this study, since a good agreement was observed 

between the natural periods obtained from the 3D numerical and the analytical 

formulations in API-650 (2007).  
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Figure 5.14 Fixed based LNG tank free vibration mode shapes for the Inner and outer 

tanks; (a) Impulsive (b) convective modes for the proposed mechanical model used in this 

study, and (c) the outer tank first mode shape.
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Table 5.6 The fundamental periods of vibration obtained from numerical model and 

analytical solution. 

Method of calculation FEM Calculation 
(this study) 

API-650 (2007) 
Approximation 

Impulsive fundamental period 𝑇𝑖𝑚𝑝 (sec) 0.334 0.354 

Convective fundamental period 𝑇𝑐𝑜𝑛 (sec) 10.42 9.67 

Outer tank fundamental period 𝑇𝑜𝑢𝑡𝑒𝑟 (sec)  0.146 - 

 The effects of the soil liquefaction on the dynamic properties of LNG tank 

reinforced by end-bearing pile foundation namely frequency and damping are also 

discussed. Table 5.7 summarise the results of the modal analysis conducted to obtain LNG 

tank natural period for different depths of liquefied soil deposit varying from zero (no 

liquefaction) to 15 m. In general, the vibration characteristics of pile foundation impact 

the response of the entire LNG tank system. Indeed, Table 5.7 show that the natural period 

of the LNG tank system increased significantly when the soil deposit liquefied; for 

example, the fundamental period of the LNG tank excluding soil liquefaction was 0.46 

sec, while when the top 5 m of soil liquefied, the fundamental natural period increased by 

69% to 0.78 sec. This is due to the fact that loss of soil stiffness around the piles 

supporting the LNG tank as a result of liquefaction increased the overall structural 

flexibility and thus altered the dynamic characteristics of the LNG tank system 

significantly. Further increasing the depth of liquefied soil to 10 m and 15 m, enlarged 

LNG tank natural period by 104% (to 0.94 sec) and 154% (to 1.17 sec sec) comparing to 

the LNG tank on non-liquefiable soil, respectively. Figure 5.15 shows the corresponding 

fundamental vibration mode shapes for LNG tank. When the soil deposit liquefied, the 

mode shape was governed by the vibration of the section of the pile embedded in the 

liquefied soil layer which deform more compared with the pile in the non-liquefied soil 

deposit. In general, when the soil liquefied and the liquefaction extended deeper, the 
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dynamic properties of the LNG tank alerted significantly, which could trigger different 

responses for different parts of the LNG tank system. However, for the convective mass 

mode, it can be notice that increasing the depth of the liquefied soil deposit slightly 

decrease the natural period since the convective mass system was already more flexible

due to the presence of springs attaching the mass to the wall, in contrast to the rigid 

connection between the impulsive mass and the tank wall.
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Figure 5.15 The deformation value (U) of the fundamental vibration mode shape for LNG 
tank with different soil deposit condition: (a) LNG tank on end-bearing piled foundation 
with non-liquefied soil deposit, (b) LNG tank on end-bearing piled foundation with  5.0 
m liquefied soil deposit, and (c) LNG tank on end-bearing piled foundation with 10.0 m 
liquefied soil deposit, (d) LNG tank on end-bearing piled foundation with 15.0 m 
liquefied soil deposit.
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Table 5.7 Differences of natural frequencies of LNG tank with diverse sub soil conditions. 

Sub soil condition 
LNG tank natural period 

Convective mode 
period (sec) 

Impulsive mode 
period (sec) 

Outer tank mode period 
(sec) 

Pile foundation system 
period (sec) 

First 
mode 
(T1)  

Second 
mode  
(T2) 

First 
mode 
(T1) 

Second 
mode (T2) 

First 
mode 
(T1) 

Second mode 
(T2) 

First mode 
(T1) 

Second 
mode 
(T2) 

Fixed base condition 10.24 5.33 0.334* 0.21 0.146 0.128 - - 

Scenario I (Non-liquefied, Ts1) 10.238 5.32 0.51 0.395 0.248 0.24 0.46* 0.32 

Scenario II (5 m deep liquefied soil, Ts2) 10.16 5.2 0.78 0.67 0.56 0.53 0.78* 0.67 

Scenario III (10.0 m deep liquefied soil, Ts3) 9.78 4.82 0.94 0.91 0.627 0.613 0.94* 0.89 

Scenario IV (15.0 m deep liquefied soil, Ts4) 9.5 4.23 1.17 1.08 0.74 0.72 1.17* 1.0 

* The fundamental natural period (sec) 
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5.5.2 Nonlinear time history results 
 

The seismic analyses for the LNG tank on the different sub soil scenarios as shown 

in Figure 5.2 were conducted in time domain for two spectral matched earthquake records, 

namely, the 1999 Chi-Chi and the 1968 Hachinohe earthquakes. The seismic outcomes 

were extracted and compared in terms of the response spectrum, tanks maximum 

acceleration profile, inner tank wall maximum structural response, and the pile seismic 

response (i.e. lateral displacements, shear forces and bending moments developed along 

the pile). 

5.5.2.1 Response spectrum  

Figure 5.16 displays the acceleration response spectra at the ground surface (i.e. 

the raft level of LNG tank) for four soil deposit scenarios with different depth of liquefied 

soil. The induced motion in the soil gets modified as it propagates through the soil deposit 

from the bedrock level to ground surface, which is known as the site effect. The extent of 

the site effect depends on the geometrical and mechanical characteristics of the soil 

deposit and the applied earthquake. Indeed, Figure 5.16a shows the amplification of the 

1999 Chi-Chi earthquake input motion from the bedrock to the ground surface for the no 

liquefaction scenario, where the peak ground acceleration (PGA) for the input motion at 

the bedrock level was 1.85g and increased to 3.5g on the ground surface (i.e. almost twice 

amplification). Similar observations could be made in Figure 5.16b for the 1968 

Hachinohe earthquake where the PGA amplified from 1.95g (bedrock level) to 4.1g 

(ground surface level). However, the acceleration response spectra decreased when the 

soil liquefaction occurred, as a result of energy dissipation within the liquefied soil layer. 

As also evident in Figure 5.16, increasing the thickness of the liquefied soil layer from 

5.0 m to 15.0 m incrementally resulted in continuous increase in the dissipation of the 

seismic wave as evident in the corresponding reduction in the PGA measured on the 
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ground surface. However, the presence of liquefied soil deposit amplified the spectral 

acceleration in the long period rang and shifted the peak response spectrum towards the 

long period rang. These observations are comparable with the results reported by Youd 

and Carter (2005) and Gingery et al. (2015). Indeed, Youd and Carter (2005) studied five 

real liquefied sites and found that the liquefaction induced softening reduced the spectral 

acceleration in the short period (i.e. period range less than 1.0 sec), while in long period 

range (i.e. period range more than 1.0 sec), the amplification of the spectral acceleration 

was observed due to the ground oscillations in this range. Referring to Figure 5.16, it can 

be observed when the thickness of the liquefied soil increased, the extent of soil softening 

was more, alerting the vibration characteristics of the soil deposit, filtering the high 

frequency components of the input motions, and delaying the transition of the seismic 

motion to the ground surface.  
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Figure 5.16 Response spectrum derived from the motion of foundation slab with 5% 

damping ratio under (a) 1999 Chi-Chi Earthquake, and (b) 1968 Hachinohe Earthquake. 

5.5.2.2 Maximum tank acceleration profile  

Figure 5.17 shows the horizontal acceleration time history record of the outer tank 

roof for different soil conditions. It is evident that the maximum horizontal acceleration 

occurred at different times for each soil condition scenario under same earthquake; for 

example, for non-liquefied soil deposit, the maximum horizontal acceleration was 

observed at t = 6.0 sec and t = 7.4 sec under the 1999 Chi-Chi and the 1968 Hachinohe 

earthquakes, respectively. However, the maximum horizontal accelerations were 

observed at t= 6.2 sec, 7.5 sec and 7.8 sec when the liquefied soil deposit increased to 5.0 

m, 10 and 15.0 m under the 1999 Chi-Chi earthquake (Figure 5.17a). The corresponding 

values under the 1968 Hachinohe earthquake were t = 7.8 sec, 8.3 sec, and 10.8 sec, 

respectively (Figure 5.17b). This can be explained by referring to the Figure 5.16 where 

the liquefied soil layer changed the amplitude and frequency content of the seismic load. 

In addition, the profiles of the seismic acceleration developed along the inner and outer 

tank walls are reported in Figure 5.18 and Figure 5.19, respectively, where the 
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acceleration profile was extracted along the tank wall when the maximum acceleration 

occurred at the top of the tank walls in X direction (i.e. at polar coordinate where 𝜃 = 0°

and parallel to the direction of applied earthquake). Referring to Figure 5.18a and as 

expected, the maximum acceleration profile was observed in non-liquefied soil case (i.e. 

Scenario I), where the maximum recorded acceleration at the top of the outer tank wall 

was 2.3g, and decreases gradually to 1.62g, 0.98g and 0.92g in the presence of 5.0 m 

(Scenario II), 10.0 m (Scenario III) and 15.0 m (Scenario IV) thick liquefied soil deposit, 

respectively.  Similarly, Figure 5.18b shows the maximum acceleration of the outer tank 

wall under the effect of the 1968 Hachinohe earthquake, where the maximum acceleration 

values of 1.83g, 1.78 g, 0.82 g, and 0.52 g were observed for Scenarios I to IV, 

respectively. 
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Figure 5.17 Horizontal acceleration record of outer tank roof for different foundation 

options subjected to (a) 1999 Chi-Chi Earthquake, and (b) 1968 Hachinohe Earthquake.

0

5

10

15

20

25

30

35

40

45

50

0 1 2 3 4 5

O
ut

er
 ta

nk
 w

al
l h

ei
gh

t (
m

)

Horizontal acceleration (g)

Scenario I (non liquifiable soil).

Scenario II (5.0 m deep liquefiable soil).

Scenario III (10.0 m deep liquifiable soil).

Scenario IV (15.0 m deep liquifiable soil).

(a) 1999 Chi-Chi Earthquake.



187

Figure 5.18 Maximum horizontal acceleration profile along outer tank wall for different 

foundation options subjected to (a) 1999 Chi-Chi Earthquake, and (b) 1968 Hachinohe 

Earthquake.

Figure 5.19 shows the maximum acceleration for the inner steel tank wall under 

the 1999 Chi-Chi (Figure 5.19a) and the 1968 Hachinohe (Figure 5.19b) earthquakes. As 

evident, the acceleration along the inner tank wall experienced significant fluctuations in 

Z direction (i.e. tank wall elevation highlighting the impacts of seismic FSI as a result of 

impulsive and convective hydrodynamic forces applied on the tank wall. For both 

earthquakes, presence of thicker liquefied soil deposit reduced the seismic acceleration 

induced at the tank base, as well as along the tank wall. Besides, it can be seen that at the 

location where the convective mass was connected to the wall (i.e. H = 20.0 m), the peak 

acceleration for the LNG tank under Scenarios III and IV behaved quite differently to 

Scenario I and II, as the horizontal acceleration increased at convective mass level when 

the soil liquefied, while an opposite trend was observed for the non-liquefied soil deposit. 

Indeed, as the liquefied soil thickness increased, the frequency of the seismic load 

experience by the inner tank decreased, contributing to the increase in the convective 

mass acceleration, similar to observations made by Kianoush and Ghaemmaghami 

(2011).
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Figure 5.19 Maximum horizontal acceleration profile along Inner tank wall for different foundation options subjected to (a) 1999 Chi-Chi 

Earthquake, and (b) 1968 Hachinohe Earthquake.
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5.5.2.3 The structural response of the LNG tanks 

The maximum structural response of the inner steel tank under the applied 

earthquakes in terms of generated forces and displacements along the tank wall are 

reported and discussed in this section. Assessing the impacts of the soil liquefaction 

surrounding the piles on the resilience of the steel tank against different failure modes is 

very crucial. Indeed, the hydrodynamic forces applied to the inner tank as a result of 

earthquake result in amplified hoop and axial forces in the steel tank wall and potentially 

cause the inner tank shell buckling. In fact, the shell buckling is the main failure mode 

for ground supported steel tanks (Brunesi et al. 2015; Dogangun et al. 2009). The failure 

of steel tanks subjected to the hydrodynamic forces, can be due to elastic or elastoplastic 

buckling.  The elastoplastic buckling occurs when the axial compression and the 

circumferential hoop stresses (due to the self-weight and hydrostatic and hydrodynamic 

pressures) exceed the yield limit, often near the based on the tank, and result in an outward 

bulge appearing which is known as elephant’s foot buckling mode. The diamond-shaped 

buckling mode, which is an elastic buckling often happens at small values of hoop 

stresses, where inward hydrodynamic suction at the base level of the tank wall or at upper 

level of the tank wall (corresponding to secondary diamond shape buckling mode) exceed 

the outward hydrostatic pressure. Indeed, the distribution of the hydrodynamic forces 

along the tank wall plays a critical role in formation of diamond-shaped buckling, even if 

stresses remain in the elastic range. Thus, the axial force (F11) and the hoop force (F22) 

for circumferential unit width of the tank and radial displacements of the inner tank wall 

are presented and discussed for various foundation conditions. 

 Figure 5.20 shows the time history of the horizontal displacement of the inner tank 

top, indicating that the maximum lateral displacements of the inner tank were observed 

at different times for different soil deposit scenarios. Figure 5.20a indicates that the 
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maximum horizontal displacement of the inner tank under 1999 Chi-Chi earthquake 

occurred at t = 9.4 sec, 9.3 sec, 10.0 sec and 10.4 sec, for Scenarios IV, III, II, and I, 

respectively. The corresponding value under the 1968 Hachinohe earthquake were t = 

11.0 sec, 10.1 sec, 10.0 sec and 13.0 sec, respectively (Figure 5.20b). It can be noticed 

that increasing the thickness of the liquefiable soil deposit increased the lateral 

displacement amplitude and the maximum lateral deformation of the superstructure.  

 

 

Figure 5.20 Horizontal displacement record of Inner tank top for different foundation 

options subjected to (a) 1999 Chi-Chi Earthquake, and (b) 1968 Hachinohe Earthquake. 
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Figure 5.21 shows the distribution of the hoop forces (F22) within the inner tank 

shell under 1999 Chi-Chi and 1968 Hachinohe earthquakes when the maximum 

deformation of the tank was recorded. The distribution of the hoop forces along the inner 

steel tank wall is in a line with the horizontal accelerations recorded for the inner steel 

tank wall (see Figure 5.19). The maximum hoop forces in the upper portion of the tank 

wall for the soil deposit Scenarios I and II, exceeded those of Scenarios III and IV. Indeed, 

since the impulsive mode periods for Scenarios I and II (i.e. 0.51 sec and 0.78 sec as in 

Table 5.7), were located in the shorter period range of the acceleration response spectrum 

(Figure 5.16), the amplification of seismic forces was observed. However, the lengthened 

impulsive mode periods for Scenarios III and IV (i.e. 0.94 sec and 1.17 sec as in Table 

5.7) were located in longer period range with decreased spectral accelerate range, which 

resulted in reduced the seismic forces due to impulsive mass. It is noticed that the 

maximum hoop forces for the tank built on non-liquefiable soil deposit subjected to the 

1999 Chi-Chi earthquake (refer to Figure 5.21a) and the 1968 Hachinohe earthquake 

(Figure 5.21b) were 1.3 MN/m and 2.87 MN/m, respectively.   

 On the other hand, Figure 5.22 shows the maximum axial forces (F11) along the 

inner tank wall at θ = 0˚ for different soil deposits considered (i.e. Scenarios I to IV) when 

the maximum horizontal displacement of the tank was observed.  It is evident that the 

axial forces in the inner tank generally increased from the top to the bottom along the 

inner steel tank wall with the maximum observed at Z/H =0.10 - 0.375 (or Z/HL = 0.12 - 

0.44). In addition, referring to Figure 5.22, the maximum axial forces in the inner tank 

wall decreased with the increasing depth of the liquefied soil. For example, under 1999 

Chi-Chi earthquake, when the depth of liquefied soil was increased from zero to 5.0 m, 

the axial force reduced by 21%, and increasing the depth of liquefied soil layer to 10.0 m 

and 15.0 m reduced the axial force by 42% and 50%, respectively (Figure 5.22a).
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Figure 5.21 Distribution of the hoop forces in the tank wall at θ = 0˚: to (a) 1999 Chi-Chi Earthquake, and (b) 1968 Hachinohe earthquake.
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Figure 5.22 Distribution of the axial forces in the inner tank wall at θ = 0˚: to (a) 1999 Chi-Chi Earthquake, and (b) 1968 Hachinohe earthquake.
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Figure 5.23 captures the distribution of the shear forces along the inner steel tank 

wall when the maximum lateral displacement was observed (as indicated in Figure 5.20). 

It is evident that for both earthquakes, the maximum shear forces were observed at the 

base of the inner tank wall where the maximum axial forces were reported. Moreover, a 

second local peak of the shear force was recorded near the middle of the tank wall (i.e. 

Z/H = 0.45 or Z/HL = 0.52 in the vicinity of the location where the convective mass was 

attached to the wall, at which significant variation of the hoop forces were also reported. 

As evident in Figure 5.23, among the soil deposit scenarios considered, the non-

liquefiable soil deposit (Scenario I) resulted in the maximum mobilised shear forces in 

the inner tank under both earthquakes. 

Figure 5.23 Distribution of the shear forces in the inner tank wall at θ = 0˚: to (a) 1999 

Chi-Chi Earthquake, and (b) 1968 Hachinohe earthquake.
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that the most significant radial displacement gradient (or section rotation) was observed 

in vicinity of the mid-height of the inner tank, where the second peak of the shear forces 

were observed. Indeed, the convective hydrodynamic force applied at the mid height of 

the inner tank wall could alert the structural response of the inner tank. As discussed 

earlier, increasing the liquefied soil depth resulted in changing the seismic waves, mainly 

by reducing the frequency, resulting in the reduction in the impulsive forces, and in 

contrary amplification of the convective forces. This observation highlights the 

importance of including the convective mass in the seismic analysis of the LNG tanks, 

especially, where the presence of the liquefiable soil deposit can increase the flexibility 

and natural period of the soil-structure system significantly. This can result in amplified 

radial displacement of the LNG tank system which can in turn introduce more convective 

hydrodynamic forces to the system. 

Figure 5.24 Distribution of the Radial displacement in the inner tank wall at θ = 0˚: to (a) 

1999 Chi-Chi Earthquake, and (b) 1968 Hachinohe earthquake.
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Figure 5.25 presents the maximum von Mises stresses generated in the inner tank 

wall under the 1999 Chi-Chi (Figure 5.25a) and the 1968 Hachinohe (Figure 5.25b) 

earthquakes. The results show that the maximum induced von Mises stresses 

corresponded to the LNG tank built on the non-liquefiable soil deposit (i.e. Scenario I) 

for both earthquakes, where the maximum induced plastic strains reached 0.29% and 

0.89% for the 1999 Chi-Chi earthquake (Figure 5.26a) and the 1968 Hachinohe (Figure 

5.26b) earthquakes, respectively. The above observations show that for the LNG tank on 

the non-liquefiable soil deposit, elastic-plastic buckling may happen in the upper section 

of the tank where plastic deformations are observed as a result of the von Mises stresses 

exceeding the yield stress. However, when soil liquefaction occurs, due to period 

lengthening and significant soil damping, stresses in the inner tank may reduce below the 

yield limit, while more concentrated stresses may be observed in the lower section of the 

tank near the base, where potential elephant foot buckling failure may occur.
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Figure 5.25 The maximum von Mises stress on the inner 9% Ni steel tank wall and the 

location of the maximum stress on the stress- strain under (a) 1999 Chi-Chi Earthquake, (b) 

1968 Hachinohe earthquake.
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decreased by 5%, 4% and 19% when the liquefied soil depth increased from zero to 5.0 m, 10.0 

m and 15.0 m respectively. These results are in a line with the maximum acceleration reported 

for the outer tank as in Figure 5.17 and 5.18.  

(a) Non-liquified soil deposit under 1999 Chi-Chi Earthquake. 

 
(b) Non-liquified soil deposit under 1968 Hachinohe Earthquake. 

 
Figure 5.26 The maximum von Mises stress on the inner 9% Ni steel tank wall and the 

corresponding plastic strain at the end of the earthquake of (a) 1999 Chi-Chi Earthquake, (b) 

1968 Hachinohe Earthquake.
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Figure 5.27  The maximum von Mises stress on outer concrete tank under the effect of 1999 Chi-Chi Earthquake for different soil deposit scenarios 

namely, (a) non-liquified soil deposit, (b) 5.0 m liquified soil depth, (c) 10.0 m liquified soil depth and (d) 15.0 m liquified soil depth.
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Figure 5.28 The maximum von Mises stress on outer concrete tank under the effect of 1968 Hachinohe Earthquake for different soil deposit 

scenarios namely, (a) non-liquified soil deposit, (b) 5.0 m liquified soil depth, (c) 10.0 m liquified soil depth and (d) 15.0 m liquified soil depth.
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5.5.2.4  Seismic response of pile foundation 

To examine the impacts of liquefiable soil deposit on the piles supporting the LNG 

tank performance, the pile in the outermost ring of piles in Y direction as shown in Figure 

5.29 was selected. This pile was selected because it is under the outer tank wall and resists 

the highest shear forces, lateral displacement and overturning effects (Tajirian et al. 

2019). Referring to Figures 5.29 – 5.31, the lateral displacement, shear force, and bending 

moment profiles along the pile length were reported when the maximum response (i.e. 

displacement) at the pile head was observed.  

Referring to Figure 5.29, as the liquefied soil depth increased, the lateral pile 

displacement also increased. Indeed, since the liquefied soil layer lost the stiffness and 

shear strength significantly, the ground displaced more laterally and piles experienced 

larger deflections. According to Figure 5.29a, the maximum lateral deflection of the pile 

head increased from 72 mm to 150 mm, 272 mm and 330 mm when the liquefiable soil 

depth increased from 0 (non-liquefiable soils deposit Scenario I) to 5.0 m (Scenario II), 

10.0 m (Scenario III), and 15.0 m (Scenario IV) under the 1999 Chi-Chi earthquake, 

respectively. The corresponding lateral displacements for the 1968 Hachinohe earthquake 

were 80 mm (Scenario I), 155 mm (Scenario II), 243 mm (Scenario III) and 410 mm 

(Scenario IV), respectively (see Figure 5.29b). 

Figure 5.30 and 5.31 show the shear force and bending moment envelopes along 

the pile length. In general, once the seismic wave affected the superstructure, the inertial 

forces transferred from the superstructure to the pile heads and ultimately to the soil 

deposit. After the liquefaction occurred, more lateral displacement was developed in the 

vicinity of the ground surface which induced more bending moments near the top of the 

piles. Therefore, the piles behaved like rather unsupported column in that section. As the 

liquefied soil depth increased, the pile head displacement increased and subsequently the 
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shear forces increased as in Figure 5.30. 

Similar to shear forces, the bending moments developed at the pile head amplified 

as the depth of liquefied soil increased. As Figure 5.31 shows, in Scenario I, where the 

soil deposit was non-liquefiable, the maximum bending moment was observed at the pile 

head, while for other scenarios where soil liquefaction occurred, local amplified bending 

moments were observed well below the ground surface. In addition, the higher values of 

bending moment and shear forces were observed at the border between the liquefied and 

non-liquefied soil layers where abrupt the soil stiffness change was observed. These 

results are comparable with observations made by Rostami et al. (2017) and Dobry et al. 

(2003) where plastic hinges were generated in the piles at the boundary between the 

liquefied and non-liquefied soil layers. However, for heavy superstructure such as LNG 

tanks, the maximum bending moments are expected to occur at the pile head due to the 

large inertial forces, which could exceed the bending moments observed at the boundary 

between the liquefied soil layer and non-liquefied soil layer. In this study when over one 

third of the entire soil was liquefied soil (i.e. Scenarios III and IV), the bending moments 

in the pile exceeded the yield stress. For example, as shown in Figure 5.31, the generated 

bending moments in the piles for Scenario III were 6.6 MN.m (1999 Chi-Chi earthquake) 

and 6.5 MN.m (1968 Hachinohe earthquake) which exceeded the yield moment of pile 

Myield = 5.8 MN.m, resulting in formation of plastic hinges in the piles. Similarly, the 

corresponding bending moment generated at the pile head for Scenario IV for both 

earthquakes reached the ultimate moment capacity of the pile Multimate = 7.5 MN.m 

resulting in the bending failure of the piles.  
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Figure 5.29 Maximum lateral pile displacement for different soil deposit scenarios along the pile length subjected to (a) 1999 Chi-Chi Earthquake, 

(b) 1968 Hachinohe earthquake.
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Figure 5.30 Maximum shear force profile imposed on the pile for different soil deposit scenarios along the pile length subjected to (a) 1999 Chi-

Chi Earthquake, (b) 1968 Hachinohe earthquake.

0

5

10

15

20

25

30

35

-10 -5 0 5 10

Pi
le

 d
ep

th
 (m

)

Shear force (MN)

Scenario I (non liquefied soil).
Scenario II (5.0 m deep liquefied soil).
Scenario III (10.0 m deep liquefied soil).
Scenario IV (15.0 m deep liquefied soil).

(a) 1999 Chi-Chi  Earthquake.

0

5

10

15

20

25

30

35

-4 -2 0 2 4 6 8

Pi
le

 d
ep

th
 (m

)

Shear force (MN)

Scenario I (non liquefied soil).
Scenario II (5.0 m deep liquefied soil).
Scenario III (10.0 m deep liquefied soil).
Scenario IV (15.0 m deep liquefied soil).

(b) 1968 Hachinohe Earthquake.



205

Figure 5.31 Maximum bending profile imposed on the pile for different soil deposit scenarios along the pile length subjected to (a) 1999 Chi-Chi 

Earthquake, (b) 1968 Hachinohe earthquake.
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The variations of soil stiffness and strength with depth can influence the inertial 

and kinematic interactions impacting the seismic response of piles and resulted reported 

in Figures 5.29 – 5.31 illustrate these effects for pile foundation used in this study. The 

observed inertial interaction stemmed from the movement of the tank generating more 

seismic response in the upper part of the piles due to the rigid linking between piles and 

foundation cap, and the forces decayed rapidly with depth in the case of non-liquefiable 

soil (Scenario I) as evident in Figures 5.30 and 5.31.  

When the soil deposit liquefied (i.e. Scenarios II to IV), although the impact of 

inertial interaction on piles reduced (i.e. less base shear transferred tothe superstructure 

as revealed in Figure 5.23), the seismic response of piles increased in the upper part of 

the piles (see Figures 5.30 and 5.31). This is due to the fact that the kinematic interaction 

between the piles and the surrounding soil became more significant. Indeed, kinematic 

interaction is caused by the inability of a foundation to match the deformation of the 

surrounding soil (Kramer 1996). The presence of liquefied soil layer (Scenarios II to IV) 

introduced larger difference between the stiffnesses of the piles and the nearby soil 

compared to Scenario I. Consequently, the incapability of the piles to follow the adjacent 

soil distortion was more substantial resulting in more kinematic interaction induced loads 

(i.e. shear forces and bending moments). It can be concluded that when the liquefaction 

occurred in the shallow depth only, the kinematic interaction had a dominant impact on 

the pile response over inertial interaction. Indeed, with the increase in the thickness of the 

liquefied layer, the loads developed in the piles due to kinematic interaction increased 

and extended deeper, while the loads due to inertial interaction decreased.  
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5.6 Summary  

Three-dimensional numerical models were developed using ABAQUS (version 

2018) to evaluate the impact of liquefiable soil deposit depth on the seismic resilience of 

LNG tanks. The multi-interaction mechanisms, including SFSI and FSI effects, were 

taken into account in this study using direct technique analysis. The free vibration analysis 

was performed using the Block Lanczos algorithm to investigate the effect of the 

liquefiable soil deposit depth on the dynamic properties of LNG tanks. In addition, the 

nonlinear time history analysis was conducted for LNG tanks under the effect Safe 

Shutdown Earthquake (SSE) hazard level. Material and geometric nonlinearities of the 

SFSI system were considered wisely. Soil properties implemented in this study was taken 

from field and laboratory tests. For the clay soil layer, the verified and calibrated NKH 

soil model was adopted. For the liquefiable soil deposit, post-liquefaction parameters 

were obtained from the existing literature, and the damping behaviour of the liquefied 

soil was captured using Rayleigh damping formulation via Rayleigh damping 

coefficients. The CDP model was used for the outer RC tank with emended reinforced 

layers option. The linear kinematic hardening rule was used for the inner steel tank 

inelastic cyclic response. The hybrid modelling technique was used for reinforced piles 

to capture the elastic-plastic response of the piles by implementing the moment-curvature 

relationship.  

The analyses considered different thicknesses of the liquified soil deposit varying 

from zero (no liquefaction) to 15 m measured from the ground surface. The results 

revealed the importance of damping effect of the partial liquefied soil layer on the 

performance of a large pile group (e.g. 229 piles for LNG tank) and how increasing the 

depth of the liquefied soil deposit decreased the seismic forces generated in the 

superstructure. The predictions showed that the von Mises stresses in the inner steel tank 
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exceeded the yield stress for non-liquefied soil deposits. The elastic-plastic buckling was 

initiated in the upper section of the tank, where plastic deformations were detected due to 

excessive von Mises stresses. However, when soil liquefaction occurred, although von 

Mises stresses in the inner tank shell remained below the yield limit, localised stress 

concentrations were observed in the lower section of the tank near the base, increasing 

the risk of the elephant foot buckling. The results for pile foundations represented how 

the lateral displacements, shear forces, and bending moments in the piles increased with 

increasing depth of the liquefied soil. 

Moreover, the results indicated the severe risk of extended liquefied soil depth as 

the lateral displacements of piles increased and amplified bending moment were recorded 

near the pile head. This observation was more significant when liquefied soil depth 

exceeded one-third of the entire soil deposit; hence, the bending moment at the pile head 

exceeded the yield moment capacity of the pile, and subsequent plastic hinges were 

formed. Indeed, when the thickness of the liquefied soil was more than half of the entire 

soil depth, the mobilised bending moments in the piles exceeded the ultimate moment 

capacity of the pile, resulting in failure of the piles. Moreover, the results showed that the 

inertial interaction had a dominant impact on the pile response. With increasing the 

thickness of the liquefied layer, the forces developed in the piles due to the kinematic 

interaction increased, while the inertial interaction induced forces decreased.
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CHAPTER 6 CONTEMPORARY PROBLEMS FOR LNG 
CONTAINMENT ON RIGID BASE CONDITION 

 
 

6.1 General  

This chapter investigates the effect of different tank conditions for LNG storage 

containments, impacting the dynamic characteristics and seismic performance under the 

design earthquakes. In particular, the seismic vulnerability of the inner steel LNG tanks 

with varying height (H) to diameter (D) aspect ratios are investigated. Moreover, the 

effect of the wall support condition of the secondary RC tank (i.e. both hinged and fixed 

wall support conditions) is investigated using time history dynamic analysis. 

6.2 Impacts of steel LNG tank aspect ratio on seismic vulnerability 

subjected to near-field earthquakes 

6.2.1  Introduction  

The global demand for Liquefied Natural Gas (LNG) has been continuously 

increasing with average yearly growth of approximately 6.6% in the last twenty years. 

Several factors derive the demand expansion globally, including conversion to cleaner 

and cheaper fuels for power generation as compared to coal and fuel oil. This leads to an 

increasing need for smart and affordable storage solutions. Full-containment above-

ground LNG tanks have been one of the most common storage options. A full-

containment LNG tank consists of (i) an inner cylindrical tank normally open-top steel 

tank made of cryogenic steel (9% Ni) to fulfil ductility requirements at the operating 

temperature and (ii) an outer reinforced concrete tank to ensure structural resistance to 

withstand the external hazards. 
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The fundamental period range for common LNG tanks are usually between 0.1 sec 

and 0.5 sec which coincides with the peak of the design response spectrum for most of 

earthquake ground motions. As such, LNG tanks can absorb significant energy during 

earthquake events. The safety of these tanks against earthquake excitations is crucial as 

the environment and economic losses can be significant in case of any damage or failure. 

The seismic design of the LNG tanks normally follows the similar standpoint to the 

nuclear power plants by implementing the two earthquake level scenarios, namely the 

Operating Basis Earthquake (OBE) and Safe Shutdown Earthquake (SSE) scenarios with 

no leakage permitted at SSE level (Willford et al. 2010). The main difference between 

the seismic design of the liquid storage tanks and other civil structures is the 

hydrodynamic loadings and interaction between the tank structure and the contained 

liquid which makes tanks (Hokmabadi et al. 2014), particularly inner steel tanks with 

relatively thin walls, vulnerable to failure or damage (e.g. the thin-walled buckling failure 

mode).  

Dynamic buckling phenomenon in steel tanks under seismic effect is generally 

identified as elastic or elastic-plastic buckling. Many studies showed the elastic-plastic 

buckling as an outward bulge close to the tank base when the axial compression due to 

overturning moment and the circumferential hoop stresses, which results from both the 

hydrostatic and hydrodynamic pressures at the bottom of the tank, exceed the yield limit. 

This outward bulging occurs at tank base identified as elephant’s foot buckling mode. 

Indeed, the diamond-shaped buckling mode, which is an elastic buckling happens usually 

at small values of hoop stresses, as the inward hydrodynamic suction at the base level of 

the tank wall or at upper level of the tank wall (i.e. secondary diamond shape buckling 

mode) goes beyond the outward hydrostatic pressure (Brunesi et al. 2015). 

The FSI concept has been studied by several researchers such as Housner (1957) 
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and Veletsos and Yang (1976) where the hydrodynamic pressure from the liquid was 

deemed to be decomposed of impulsive and convective liquid mode. The impulsive 

portion is due to the liquid coincidentally vibrating with the tank wall, while the 

convective portion is due to the upper portion of liquid sloshing as waves at the surface 

of liquid. These two forces can be combined in a simple mechanical model to represent 

the dynamic response of liquid storage tanks as reported by Haroun and Housner (1981) 

and Malhotra et al. (2000). 

Several research studies and experiments have been carried out on the dynamic 

behaviour of liquid storage tanks, some of these studies have been conducted on the inner 

steel LNG tank to assess the effect of the hydrodynamic forces and enhance their seismic 

performance. For example, compared the seismic behaviour of the LNG tank using the 

finite element analysis (FEA) method and the simplified mechanical model, usually used 

for preliminary seismic analysis and design of liquid storage tank. The results 

demonstrated that the mechanical models could be used with confidence for the 

preliminary analysis and design of conventional and isolated LNG tanks (Christovasilis 

and Whittaker 2008). In addition, Zhou et al. (2018) investigated the effects of base 

isolation on the seismic response of LNG tanks with different filling liquid levels using 

finite element analysis (FEA) technique, and their numerical results shown that the lead 

rubber bearings were very effective in avoiding the significant portion of seismic forces 

transferring to the tanks and thus enhancing the seismic responses of the LNG tanks. 

This study investigates the impact of the aspect ratio (i.e. tank height to diameter 

H/D) on the seismic response of the 9% Ni steel inner LNG tank under near-field 

earthquake excitations. For this purpose, three-dimensional finite element simulation 

using ABAQUS software, capturing material and geometric nonlinearities, were adopted. 

The FSI effect was considered utilizing the added-mass technique. The seismic response 
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of different tanks is presented and discussed.

6.2.2 Details of adopted storage tanks

To demonstrate the height to diameter (H/D) aspect ratio effect on the seismic 

response of the inner 9% Ni steel LNG tank, three geometric configurations were used in 

this study (see Figure 6.1). The considered tanks were anchored vertical cylindrical 

ground supported tanks, with the constant diameter of 30.5 m (representing typical 

modular inner LNG tank size), and different H/D ratios of 0.95 (Tank A), 0.63 (Tank B), 

and 0.40 (Tank C) corresponding to tall, medium and broad tanks as classified by (Virella 

et al. 2006),respectively. The filling level of the LNG liquid height was considered to be 

90% of each tank height, which represent the full condition with 10% of freeboard. The 

structural design of tanks (i.e. wall thicknesses) follows API-650 (2007) (i.e. American 

Petroleum Institute) fulfilling the seismic design requirements for fully anchored tanks in 

high seismic regions. 

Figure 6.1 The considered tank models, (a) tall Tank A with H/D=0.95, (b) medium 

Tank B with H/D=0.63, and (c) broad Tank C with H/D=0.40.
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6.2.3  Fluid-Structure Interaction effects   

The seismic analysis of liquid storage tanks generally should capture the liquid 

hydrodynamic forces applied on the tank wall. Evaluation of hydrodynamic forces, given 

the complex nature of the FSI phenomenon, have been previously investigated via 

simplified mechanical models, which assume that the loads applied from the liquid to the 

storage tank walls can be represented in two parts, namely the convective and impulsive 

forces. The convective component (sloshing mode) relates to the oscillation in the higher 

region of the stored liquid, while the impulsive component (rigid movement of liquid) 

corresponds to the dynamic pressure of the coincidental movement of the liquid and tank 

walls subject to dynamic loadings. 

According to Eurocode-8 (2008), the distribution of the impulsive component of 

the hydrodynamic pressure (𝑝𝑖𝑚𝑝) and the pressure distribution coefficients can be 

obtained using Equations 3.1-3.2, which explained previously in chapter 3. The pressure 

distribution coefficients defined in Equation (3.2) for each of the tank models for 𝜃 = 0˚ 

are presented in Figure 6.2 To find the overall seismic response of the storage tanks, 

including the FSI, only the impulsive portion of the liquid is considered in the current 

study, as this portion is the major one accelerates with the tank wall and generates  

hydrodynamic forces as reported by previous studies (Zhou et al. 2018; Buratti and 

Tavano 2014). 
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Figure 6.2 Impulsive pressure along tank wall.

6.2.4 Finite element model of the tank-liquid System

The nonlinear dynamic analysis of the LNG tank-liquid system carried out using 

the finite element analysis software ABAQUS (version 2018). The inner steel tank was 

modelled using shell elements (S4R) with four-nodes, doubly curved quadrilateral finite 

membrane strain formulations. The 9% Ni steel material which is recognized by the 

ASTM A36 (2018) for cryogenic service temperatures, with the yield stress (fy) and 

ultimate strength (fult) of 245 and 360 MPa, respectively, was used in this study. 

Additionally, elastic modulus and the strain hardening modulus were considered to be 

205 GPa and 3888 MPa, respectively. The 9% Ni steel material behaviour was modelled 

using the kinematic hardening rule with von Mises yield criteria to capture the metal 

inelastic behaviour under seismic loading.  

The LNG liquid was modelled using the lumped added-mass method for the 

dynamic analysis. In which impulsive portion of the liquid can simultaneously accelerate 

or decelerate with a tank wall, which reproduces the impulsive pressure. The adopted 

added-mass technique in this study is a comprehensive alternative to Housner (1957)

traditional method of the single masses mechanical model used for dynamic analysis for 

0

0.2

0.4

0.6

0.8

1

1.2

0 0.2 0.4 0.6 0.8 1

ξ
= 

z/
 

 

𝐶𝑖

Tank A (tall)
Tank B (medium)
Tank C (broad)



215

liquid storage tanks. Accordingly, the impulsive hydrodynamic pressure was modelled 

using a series of added masses attached to the tank nodes via rigid springs. Each lumped 

mass mi calculated from the pressure defined using Equation (3.1) and attached to the 

corresponding node, in this method the height of the tank was separated into some

segments and the area of the pressure affect the curve for each segment was divided by 

the normal acceleration of the wall A𝑔 (t). The lumped masses are in same vertical 

distribution as the impulsive pressure (Figure 6.3a), and they have a uniform distribution 

around the circumference (Figure 6.3b) same procedure proposed by (Virella et al. 2006).

The attached masses in ABAQUS were modelled using specific connector elements 

named MPC type LINK, which simulates a unidirectional rigid spring between two nodes. 

This ignores the vertical and tangential acceleration along the tank wall, while the springs 

provide radial added inertia effects perpendicular to shell surface. In addition, fixed base 

condition used for tank base.

Figure 6.3 Mass-spring modelling technique used in this study to capture impulsive fluid 

- structure interaction, the normal masses (a) along the cylinder height, (b) along tank 

circumference.

Figure 6.4 illustrates the developed finite element models for different tank aspect 

ratios. The finite element analysis was conducted for each tank in three steps; the first 

step was the modal analysis to obtain the natural frequency and compare it with the 
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analytical formulations available in API-650 (2007). The second step was to establish the 

initial equilibrium under the gravity load including the hydrostatic load on the tank wall 

and base. Finally, the earthquake excitation was applied at the tank base in one horizontal 

direction (no vertical ground motion was considered) to conduct the non-linear dynamic 

time-history analysis capturing both material and geometric nonlinearities.  It is assumed 

that the LNG tank was sitting on competent hard rock site, and two benchmark near-field 

earthquake records were selected in this study, these earthquakes selected by several 

researchers (e.g. Xu and Fatahi 2019) to denote maximum measured level of earthquakes. 

The 1994 Northridge and 1995 Kobe earthquakes, were used in this study as shown in 

Figure 6.5. Each running analysis took around 8 hours to complete with model size (10 

Giga-bytes), therefore, fast computation facilities were used to conduct this time-history 

analysis. 

Figure 6.4 Finite element models for different tanks adopted in this study (a) Broad tank 

C, (b) Medium tank B, and (c) Tall tank A.
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Figure 6.5 Adopted earthquake time histories of the ground accelerations, (a) 1994 

Northridge earthquake and (b) 1995 Kobe earthquake.

6.2.5 Results and discussion

The results of free vibration analysis and nonlinear time-history analysis for three 

adopted LNG tanks aspect ratios under 1994 Northridge and 1995 Kobe Earthquake 

records are presented below.

6.2.5.1 Free vibration analysis

Modal analysis was performed on the three tanks models Type A (tall), Type B 

(medium) and Type C (broad) to find the fundamental impulsive period of each tank. 

Then the natural period obtained from the FEA was compared with the analytical solution 

presented in API-650 (2007) for the fundamental impulsive mode period as explained 

previously in chapter 3 using Equation (3.11).

In Table 6.1, the results of FEA calculated by eigenvalue modal analysis using Block 

(2012)

(2012)
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Lanczos algorithm is compared with those obtained from API-650 code. The results show 

that the natural period obtained by FEA is in a good agreement (lowe than 3% variance) 

with the analytical formulations proving the reliability of the implemented numerical 

model with spring-added mass technique to simulate the liquid-tank interaction.

Table 6.1 Comparison between fundamental periods of vibration (Ti) for filled tank 
obtained from FEA and API-650 (2007).

Tank Model 𝑇𝑖 (sec) - 3D FEA 𝑇𝑖 (sec) - API 650 

Tall Tank A (H/D = 0.95) 0.217 0.220

Medium Tank B (H/D = 0.63) 0.145 0.150

Broad Tank C (H/D = 0.40) 0.098 0.096

Figure 6.6 summarises the schematic deformed shapes of tanks corresponding to 

the fundamental modes of vibration. It can be noticed that for tall Tank A (with H/D=0.95) 

the fundamental impulsive mode is comparable with a bending mode of a cantilever 

beam. However, for medium Tank B and broad Tank C (H/D = 0.63 and 0.40, 

respectively) the bulge shape deformation near the mid-height of the wall is apparent. 

Which implies that the cross- section area at the tank mid-height is vulnerable to higher 

deformation during horizontal excitation due to impulsive mass effect.  

Figure 6.6 Fundamental natural period of the impulsive mode for (a) Tall tank A, (b) 

Medium tank B, and (c) Broad tank C.
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6.2.5.2 Non-linear dynamic time-history analysis 

The nonlinear time-history analysis was performed on the LNG inner steel tank 

with different aspect ratios, subjected 1994 Northridge and 1995 Kobe earthquakes. 

Figure 6.7 shows the acceleration response spectra of these earthquakes, as well as the 

fundamental periods of vibration for three tanks used. The acceleration response spectra 

is communally used in the seismic analysis as it is interrelated to the maximum 

superstructure response under the earthquake load (Xu and Fatahi 2018). As evident, the 

fundamental periods of vibration for all selected tanks are located in the short period range 

of the response spectrum. 

 

Figure 6.7 Acceleration response spectra for the selected earthquakes. 

To verify the accuracy of the nonlinear time-history analysis employing three-

dimensional finite element modelling, the seismic response for these tanks were 

compared with Eurocode-8 (2006) formulations. In particular, the base shear forces and 

the overturning moments were computed and compared. According to Eurocode-8 

(2006), the base shear force (𝑄) and bending moment (𝑀) for the liquid storage tank 

considering impulsive liquid-wall interaction only, can be calculated using the following 

equations: 
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𝑄 = (𝑚𝑖 +𝑚𝑤) ∗ 𝑆𝑎 (𝑇𝑖𝑚𝑝)                                          (6.1) 

𝑀 = (𝑚𝑖 ∗ ℎ𝑖 +𝑚𝑤 ∗  ℎ𝑤) ∗ 𝑆𝑎 (𝑇𝑖𝑚𝑝) (6.2) 

where, 𝑚𝑖  is the impulsive mass component; ℎ𝑖 is the height where the impulsive 

hydrodynamic wall pressure was applied; 𝑚𝑤 is the tank wall mass; ℎ𝑤 is the height of 

the centre gravity of tank wall; Sa (Timp)  is the impulsive spectral acceleration obtained 

from the acceleration response spectrum (i.e. Figure 6.7). Figure 6.8 and Figure 6.9 

present the maximum base shear forces and bending moments obtained from the 

analytical solution and the FEA predictions having reasonable agreement (less than 16% 

difference). However, it is obvious that increasing the aspect ratio H/D from 0.63 to 0.95 

(medium tank to tall tank) increase the base shear forces significantly, which correspond 

to 72% and 58% increases for the 1994 Northridge and the 1995 Kobe earthquakes, 

respectively. Furthermore, as a result of increasing the H/D from 0.63 to 0.95 (medium 

tank to tall tank), overturning moments increased by 58% and 52% under the effects of 

the 1994 Northridge and the 1995 Kobe earthquakes, respectively.  

     The conducted nonlinear time-history analysis allows for seismic response 

comparison of the LNG inner tanks with different aspect ratios. The maximum structural 

response of the LNG tank walls under the applied earthquakes was reported and 

compared. The axial force (F11) and the hoop force (F22) for circumferential unit width of 

the tank (Figure 6.10) and radial displacements of the wall are of particular interest and 

discussed below. 
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Figure 6.8 The maximum base shear force obtained from the analytical solution and 3D 

FEA, (a) 1994 Northridge Earthquake and (b) 1995 Kobe Earthquake.

Figure 6.9 The maximum overturning moment obtained from the analytical solution and 

3D FEA, (a) 1994 Northridge Earthquake and (b) 1995 Kobe Earthquake.

Figure 6.10 Illustration of different force components in the LNG tank wall.

Figure 6.11 shows distribution of maximum hoop forces for tall, medium and broad 

tanks under 1994 Northridge and 1995 Kobe earthquakes. For the sake of more 
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meaningful comparison, the hoop forces were plotted against the normalized liquid level 

(i.e. z/𝐻L, where z is the elevation measured from the tank bottom and HL is the Liquid 

height). The maximum hoop forces were observed at polar coordinate θ = 0˚ on the X-

axis of the tanks and occurred at t = 4.2 sec under 1994 Northridge and t = 5.8 sec under 

1995 Kobe earthquake. It can be seen that, irrespective of the tank aspect ratio, the 

maximum hoop forces were all located at the bottom section of the wall, which shows the 

higher tendency of the lower levels of the tank wall experiencing bulge if the stresses 

exceed the yield stress limit. Referring to Figure 6.11, the maximum hoop forces 

increased with increasing aspect ratio, with approximately 20% increase when H/D

increased from 0.40 to 0.63, and 25% when H/D increased from 0.63 to 0.95. This is due 

to the fact that both impulsive hydrodynamic force and hydrostatic force increases with 

the tank height.

Figure 6.11 Distribution of hoop forces in the tank wall at θ = 0˚, (a) 1994 Northridge 

Earthquake and (b) 1995 Kobe earthquake.

Similar observations could be made for the maximum axial forces, which occurred 
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at θ = 0˚ on the X-axis for all tanks (Figure 6.12). However, in comparison to hoop forces, 

the axial forces show more consistent incrementation pattern from the liquid level to the 

tank base. Referring to Figure 6.12, the maximum axial forces increased with the aspect 

ratio (or the tank height), where 31% and 64% increase was observed when H/D increased 

from 0.40 to 0.63, and from 0.63 to 0.95, under the 1994 Northridge, respectively. It can 

be noted that the corresponding observed amplifications in the maximum axial forces 

under the 1995 Kobe earthquake were 50% and 60%, respectively. 

     The combined effects of the axial and hoop forces on the tank response can be 

observed in the radial displacements predicted along the tanks wall. Figure 6.13 shows 

the radial displacement of the wall subjected to adopted earthquake records. In general, 

the peak radial deformations were observed at the bottom portion of the tanks, while 

relatively smaller variations at the middle and upper portions of the tanks were observed. 

These observations are in line with other researchers (e.g. Buratti and Tavano 2014 and 

Brunesi et al. 2015) findings on elephant’s foot buckling failure mode development for 

tanks. Furthermore, referring to Figure 6.13, it can be noted that Tank B with H/D =0.63 

showed another peak at the upper portion which could potentially impose the risk of local 

buckling. This observation is aligned with the reported deformation shape from modal 

analysis (Figure 6.6b) showing bulge shape deformation near the mid-height of the wall. 
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Figure 6.12 Distribution of the axial forces in the tank wall at θ = 0˚, (a) 1994 Northridge 

Earthquake, (b) 1995 Kobe earthquake.

Figure 6.13 Distribution of the radial displacement along the normalized liquid height 

level of the three aspect ratio tank walls at θ = 0˚ for (a) 1994 Northridge Earthquake, (b) 

1995 Kobe earthquake.
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Interrogating the nonlinear time-history numerical analysis results showed that the 

developed stresses in board and medium LNG tanks remained below the yield stress limit 

at all locations under both the 1994 Northridge and the 1995 Kobe earthquakes meaning 

no plastic buckling. Referring to Figure 6.14b, elastic buckling was observed for medium 

Tank B (H/D = 0.63) with inward buckling at the upper portion of the tank walls, which 

corresponds to the secondary diamond buckling mode. Increasing the H/D ratio to 0.95 

(tall tank) raised the damage and failure risk. Referring to Figure 6.14c, the von Mises 

stresses on the tall Tank A exceed the yield stress limit and the elastic-plastic outward 

shell bulging at the lower portion of the tank wall (i.e. elephant’s foot buckling) occurred. 

Figure 6.15 shows the distribution of the von Mises stresses at the tall Tank A wall 

together with the time variation of von Mises stresses for the selected node A near the 

tank base level, which resulted in the elephant’s foot buckling for tall Tank A.

Figure 6.14 Damage extend to the LNG tanks, (a) Broad tank C (no damage), (b) Medium 

tank B (secondary elastic buckling mode), and (c) Tall tank A (elephant’s foot buckling).
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Figure 6.15 Formation of the elephant’s foot buckling in tall Tank A (H/D = 0.95): (a) 

distribution of the von Mises stresses exceeding the yield stress limit near the tank base 

(i.e. Node A), (b) von Mises stresses (Pa) at Node A under 1994 Northridge earthquake 

and (c) von Mises stresses at Node A under 1995 Kobe earthquake.  
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6.3 Impact of wall support conditions on seismic response of ground-

supported reinforced concrete containment tanks 

6.3.1 Introduction  

The ground supported concrete storage tanks are widely used for water, refined 

petroleum products, and chemicals due to their large capacity and economic efficiency. 

These tanks may be used in high seismicity regions and therefore assessing their seismic 

safety in those regions is essential. 

For some cases such as liquefied natural gas (LNG) tanks, the double-wall 

containment system is often used. Indeed, the natural gas is condensed to a liquid state by 

cooling it to a very low temperature (approximately -168˚C) at atmospheric pressure 

(Zhai et al. 2019) , thus LNG needs to be stored in the primary inner steel tank to meet 

the ductility requirements of the tank, while the secondary outer tank is used for external 

protection (Lee et al. 2016) . The secondary containment tank is usually made of 

reinforced or prestressed concrete without any direct contact or interaction with the stored 

liquid in the normal conditions. Most of the previous studies had focused on the seismic 

behaviour of the inner steel tank considering the FSI, while the studies on the secondary 

concrete containment tanks have been less popular (Khansefid et al. 2019). Christovasilis 

and Whittaker (2008) considered the efficiency of seismic base isolation on the 

performance of the LNG tanks and compared the results with the conventional tank. They 

concluded that the acceleration response reduced after using the base isolators, similar to 

the base shear and global overturning moment at the tank base. Some researchers had 

assessed the performance of the secondary concrete containment LNG tanks against 

external forces, such as blast (Lee et al. 2016) and airplane impact (Zhai et al. 2019). This 

study presents a rigorous 3D nonlinear time history analysis of an empty ground 
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supported circular reinforced concrete containment tank subjected to seismic action for 

hinged and fixed wall to base support conditions.  

6.3.2 Description of adopted LNG tank

A 30,000 m3 reinforced concrete outer LNG tank is adopted in this study. The 

adopted tank is composed of a reinforced concrete roof fixed to the wall sitting on a rigid 

foundation (Figure 6.16). This LNG tank is an example of the modular LNG tanks used 

in highly seismic regions as reported in the literature (Shu 2007).

Figure 6.16 Schematic view of the adopted reinforced concrete outer LNG tank.

Since this study only investigates the effects of the wall to foundation slab 

connection on the seismic behaviour of the LNG concrete containment, only the outer 

tank with the roof and foundation slab was considered in the numerical analysis. The outer 

diameter of the concrete tank is 41 m, the height is 25 m and the wall thickness is 0.6 m. 

The reinforced concrete roof is 5.8 m high and 0.4 m thick. The concrete which is used 

to build this LNG tank is grade C40 which had a compressive strength of 40 MPa and a 
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unit weight of 26.40 kN/m3. Additionally, the ordinary reinforcing steel with the yield 

strength of 400 MPa, the ultimate tensile strength of 600 MPa corresponding to the 

ultimate tensile strain of 0.14, the modulus of elasticity 2×105 MPa, and unit weight of 

78 kN/m3, are used. The prestressing tendons are used in the tank wall which had the yield 

strength of 1581 MPa, the ultimate tensile strength of 1860 MPa corresponding to the 

ultimate tensile strain of 0.0575, and unit weight of 78kN/m3. The vertical rebars in the 

tank wall spaced around the circle every 3˚ and the circumferential steel rebars were 

spaced every 0.6 m along the tank wall, which are similar to the recommendations in the 

existing literature (Christovasilis and Whittaker  2008).  

6.3.3 Numerical modelling 

6.3.3.1 General model description 

The finite element software ABAQUS (2018) was used to develop the numerical 

model for both fixed base and hinged base concrete LNG tanks and perform modal 

analyses as well as the time history analyses. Figure 6.17 presents the numerical model 

of the entire tank. The tank wall, roof and base slab were modelled using 4-noded shell 

element S4R, while the rebars were defined as layers of uniaxial reinforcement in the 

shell elements as recommended by other researchers (Hafez 2012). The LNG tank model 

consist of 11648 elements which were utilised for this analysis. 
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Figure 6.17 Three-dimensional numerical model of the concrete LNG tank

6.3.3.2 Adopted material model for reinforced concrete 

To represent the elasto-plastic behaviour of the concrete tank under the seismic 

loads, the concrete damage plasticity (CDP) model was used in this study. This 

constitutive model, available in ABAQUS, considers two failure mechanisms for the 

concrete: the tensile cracking and the compressive crushing (Lee et al. 2016). Under the 

uniaxial tension, the stress-strain relation follows the linear elastic behaviour until the 

failure stress 𝜎𝑡𝑜 is reached, beyond which the cracks are generated in the concrete that 

leads to softening of stress-strain response of the concrete. The degradation of the elastic 

stiffness is considered by two damage variables, named 𝑑𝑡 and 𝑑𝑐, for tension and 

compression respectively, which are assumed to be functions of the plastic strains. These 

damage variables represent the stiffness recovery after the cracks are generated in the 

concrete, thai is very important for the response of the concrete subjected to the cyclic 

loading such as seismic loads (Saenz 1965). The experimental observations available in 

the literature showed that when the load changes from tension to compression in concrete, 

the compressive stiffness recovers as the cracks close under compression (Lee et al. 

2016), while the tensile stiffness does not recover after the crushing as micro-crack 
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develop. The stiffness recovery variables can take a value between 1 and 0, representing 

a full recovery and total loss of the stiffness, respectively. CDP model represents the 

elasto-plastic behaviour of the plain concrete, while the effects associated with the 

reinforcements as the bond slip and dowel action were modelled by introducing tension 

stiffening to include the load transfer process through the cracks by the rebars. As 

mentioned early, the rebars were modelled using layers of uniaxial reinforcement in the 

shell elements for both vertical and circumferential directions.  The essential constitutive 

parameters for the concrete C40 used in this study are summarised in Table 6.2, while the 

uniaxial compression and tension stress-strain curves of the concrete obtained from 

existing literature (Saenz 1965; Nayal and Rasheed 2006) are presented in Figure 6.18.

For the rebars the the kinematic hardening law was used with the material characteristics 

that mention previously. 
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Figure 6.18 Uniaxial stress-strain curves of concrete and the damage variables with the 

strain for concrete C40: (a) compression; (b) tension. 

Table 6.2 Adopted parameters for simulation of concrete in this study 

Parameter name  Symbol  Value   Reference 

Dilation angle  ψ 36˚ (Nayal and 

Rasheed 2006) Eccentricity  𝜖 0.1 

Biaxial/uniaxial compressive yield 
strength ratio 

𝑓𝑏0/𝑓𝑐0 1.16 (Lee et al. 

2016) 

The hydrostatic effective stress ratio   K 0.667 (Hafez 2012) 

Compressive stiffness recovery parameter wc 1  

Compressive stiffness recovery parameter wt 0 

6.3.3.3 Connection details and adopted earthquakes 

The conducted analyses included two parts, the modal analysis and the time history 

analysis. According to ACI 350.3-06 (2008), the wall base connection of the ground 

supported tanks can be classified as a fixed or hinged base support condition. For the 

fixed base condition (it can come in two forms as shown in Figure 6.19a), no rotation and 

relative movement are allowed at the connection of the wall to the base, and the vertical 

reinforcement connects the wall with the foundation and extends across the joints to resist 
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the bending moment at the tank base. For fixed base arrangement with closure strip 

instead of the vertical reinforcement, the tank wall is connected via the closure strip to 

the foundation to overcome the potential concrete shrinkage issues (Hafez 2012). For the 

hinged base connection (which can also come in two forms as shown in Figure 6.19b), 

the rotation is allowed and thus no considerable bending moment can be transmitted 

between the tank wall and the base. 

 

Figure 6.19 Ground supported tank support connections: (a) fixed base condition; (b) 

hinged base condition based on ACI 350.3-06 (2008).  

The modal analyses were conducted to obtain the natural frequencies of the tank 

Tank wall

Foundation

Closure strip 

a) Fixed tank wall base connection

Dowels
Grout

Hold Downs
Tank wall

Foundation

b) Hinged tank wall base connection
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using Block Lanczos algorithm, and the details of mode shapes were captured. After 

establishing the initial equilibrium under the gravity loading, the earthquake excitations 

namely the 1995 Kobe earthquake and the 1994 Northridge earthquake as shown in Figure 

6.20, were applied to the model in the time history analysis, assuming that the LNG tank 

was sitting on a hard rock site. No vertical ground motions are considered.

Figure 6.20: Adopted time histories of the ground accelerations for: (a) 1994 Northridge 

Earthquake and; (b) 1995 Kobe Earthquake. 

6.3.4 Results and discussion

6.3.4.1 Modal analysis

A modal analysis was conducted for the empty reinforced concrete tanks with two 

wall foundation conditions, i.e. the fixed base condition and hinged base condition, using 

Block Lanczos algorithm. The natural frequencies and periods for the first mode of 

vibration for the adopted tanks are summarised in Table 6.3. As expected, the natural 
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period for the hinged base concrete LNG tank is slightly larger than the fixed base due to 

the reduction of the stiffness and the ability of tank wall to rotate around the foundation 

slab.  

Table 6.3 Fundamental vibration period of the fixed base and hinged base tank conditions. 

Tank base condition Fundamental natural 
frequency (Hz)* 

Corresponding fundamental 
natural period (s) 

Fixed base 10.2 (m=1, n=4) 0.098 
Hinged base 8.8 (m=1, n=5) 0.12 

     As the shell wall of the cylindrical tanks can be vibrated in two directions of the 

cylindrical coordinates; i.e. the circumferential (definite by circumferential wave number 

n) and the axial direction (definite by the axial wave number m), the fundamental mode 

shape for both tanks is extracted and reported in Figure 6.21 The first fundamental mode 

captures wall deformation in the radial direction of the cylindrical coordinates, while no 

major deformation occurred on the tank roof in both fixed base (Figure 6.21a) and hinged 

base (Figure 6.21b) conditions. The circumferential wave numbers were n = 4 for the 

fixed base condition and n = 5 for the hinged base condition while the axial wave number 

was m = 1 for both conditions. 
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Figure 6.21 The fundamental mode shape: (a) for the fixed base tank; (b) for the hinged 

base condition tank.

6.3.4.2 Non-linear dynamic time history analysis

Non-linear dynamic time history analyses were performed on the concrete LNG 

tanks with different base conditions. As explained earlier, two large bedrock earthquake 

time-histories, namely 1994 Northridge, 1995 Kobe earthquakes, were applied. Figure 

6.22 shows the response spectrums of these earthquakes. Assuming that the LNG tank 

was sitting on a hard rock site, these earthquakes were applied to the base of the model in 

the horizontal direction and the predicted structural responses of the tanks are summarised 

in Table 6.4.
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Figure 6.22 Acceleration response spectrum for the selected earthquakes.  

Table 6.4 Structural response of the tanks with the fixed and hinged base conditions. 

Earthquake 
Tank 
base 

condition 

Base 
shear 
force 
(MN) 

Hoop force 
at the top of 

the tank 
wall 

(MN/m) 

Bending 
moment at 

the top of the 
tank wall 
(kN.m/m) 

Radial 
displacement at 

the top of the tank 
wall (mm) 

1994 
Northridge 

Fixed 72.6 0.8 65.9 9.7 
Hinged 83.6 1.17 138 13.3 

 
 

Fixed 48.2 1.65 47.9 3.7 
Hinged 59.8 2.45 115.5 4.6 

  

The structural responses are presented in Table 6.4, which are reported at the 

locations of the maximum response within the tank wall, and it is considered as per 

circumferential unit width of the wall (i.e. for Hoop force and bending moment). Figures 

6.24, 6.25 and 6.26 shows the values of the hoop forces, bending moments, and radial 

displacements along the wall height (along Section A-A in Figure 6.23) for the fixed and 

hinged tanks due to 1994 Northridge and 1995 Kobe earthquakes, respectively.  
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Figure 6.23 Section A-A of the tank, (a) side view, (b) plan view. 

     Referring to Table 6.4 and Figure 6.22, the base shear force occurred at the base 

of the hinged base tank is larger than the fixed base tank, as the shear force increased 

from 72.6 MN to 83.6 MN under 1994 Northridge and from 48.2 MN to 59.8 MN under 

1995 Kobe (i.e. 24% more); as the natural period increased for the hinged base tank 

compared with the fixed base tank in the short period range, which caused the increase in 

the base shear force for the hinged base tank. 

     Figure 6.24 shows the hoop forces for the fixed base and hinged base tank along 

the height of the tank wall due to 1994 Northridge (Figure 6.24a) and 1995 Kobe (Figure 

6.24b). In general, the maximum hoop forces occurred at the top of the tank wall, while 

the hinged base tank experienced higher hoop force at the wall top compared with the 

fixed base tank. Indeed, mentioning the Table 6.4, the maximum hoop forces increased 

from fixed base tank to hinged base tank with 46% for 1994 Northridge and 48% for 1995 
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Kobe earthquakes. This observation is related to the fixed roof effect on the hoop forces; 

the roof exerts more hoop force for hinged base tank compared with the fixed base tank 

because of the reduction of the lateral stiffness at the tank base.  

 

Figure 6.24  Distribution of hoop force along the height of the tanks wall along Section 

A-A when the maximum hoop force was observed for (a) 1994 Northridge earthquake 

and (b) 1995 Kobe earthquake. 

On the other hand, Figure 6.25 represents the bending moment for the fixed base 

condition and hinged base condition along the height of the tank wall due to 1994 

Northridge (Figure 6.25a) and 1995 Kobe (Figure 6.25b). For hinged base condition, as 

expected the bending moment is zero at the wall base for both earthquakes, while the 

corresponding bending moments at the base for the fixed base condition are 68.7 kN.m/m 

under 1994 Northridge earthquake, and 51.4 kN.m/m under 1995 Kobe earthquake. 

However, the hinged base tank experiences more bending moment for the upper part of 

the tank wall compared with the fixed base tank. In general, more contribution of higher 

structural modes is observed in the hinged base tank compared with the fixed base tank. 
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Figure 6.25 Distribution of the bending moments along the height of the tanks wall along 

Section A-A when the maximum bending moment was observed for: (a) 1994 Northridge 

and (b) 1995 Kobe. 

In addition, Figure 6.26 shows the radial displacements of the fixed and hinged base 

tank conditions under 1994 Northridge (Figure 6.26a) and 1995 Kobe (Figure 6.26b) 

earthquakes. As the hinged base tank has the ability to rotate in the radial direction, the 

radial/lateral displacements on the hinged base tank are more than the fixed base tank 

subjected to both earthquakes. Referring to Figure 6.26, the maximum lateral 

displacements which occurred at the wall-roof connection, were 13.3 mm and 4.6 mm for 

the hinged base tank subjected to the 1994 Northridge and the 1995 Kobe earthquakes, 

respectively. The corresponding values for the fixed base condition were 9.7 mm and 3.7 

mm. 
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Figure 6.26 Distribution of radial displacements along the height of the tank wall along 

Section A-A when the radial displacement was observed for: (a) 1994 Northridge and (b) 

1995 Kobe. 

To evaluate the damage of the LNG concrete tanks under large earthquakes, the 

strain time history for a selected element (i.e. Element A as shown in Figure 6.23b) which 

experienced tensile damage is compared. Figure 6.27 shows the strain time history of the 

Element A (wall-roof joint) for the fixed and hinged base conditions under 1994 

Northridge earthquake. It is evident that the strain increased to 0.005% due to the dead 

load and then started to oscillate around this value during the 1994 Northridge earthquake 

excitation. Indeed, Element A constantly experienced tension (as the strain was mostly 

kept above zero), which means the compressive damage was not observed. Then at about 

t = 5 s, when the peak acceleration (PGA = 0.84 g) occurred, the strain increased 

considerably to 0.016% well exceeding the cracking strain of 0.0087%. However, the 

strain time history for the fixed base condition oscillated around the initial strain due to 

self-weight while the maximum strain was 0.013% at t = 5 s. In general, the Element A 

in hinged base tank experienced higher strains compared with the fixed base counterpart, 

under both earthquakes (see Figure 6.27a and Figure 6.27b). The maximum predicted 
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tensile strain for the hinged base condition under 1995 Kobe was 0.013%, and the 

corresponding value for the fixed base counterpart was 0.011% (i.e. 20% more). This 

observation is in line with the structural response reported in Figure 6.26, where more 

displacements were induced in the hinged base tank wall compared with the fixed based 

tank, creating more strains and thus damage the wall-roof joint in the hinged base tank. 

 

Figure 6.27 Strain time histories for the fixed base and hinged base tanks under at Element 

A (wall-roof joint); (a) 1994 Northridge, (b) 1995 Kobe. 

The tensile damage parameter for the fixed and hinged base condition of the LNG 

tanks under 1994 Northridge and 1995 Kobe earthquakes is extracted and shown in Figure 

6.28. The pattern of the damage with the estimation of the stiffness degradation are 

illustrated for both hinged and fixed base under 1994 Northridge earthquake in Figure 

6.26a, and under 1995 Kobe earthquake in Figure 6.26b. The tensile damage variable due 

to cracking, as it characterises the stiffness degradation of the concrete, which takes 

values from zero (undamaged material) to one (total loss of stiffness). Figure 6.26 proves 

that the tensile stiffness reduction in the hinged base tank reached 64%, while for the 

fixed base it reached 55% under the 1994 Northridge earthquake. And the stiffness 

reduction for the hinged and fixed base tanks under 1995 Kobe earthquake were 43% and 

36% respectively. Indeed, the cracks were generated in the tank roof only; which has less 
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section thickness compared with the top of tank wall. These predicted stiffness 

degradation and damage variations are in line with the strain variations reported in Figure 

6.26.

Figure 6.28 Maps of the damage and stiffness degradation of the hinged and fixed base 

tanks under: (a) 1994 Northridge, (b) 1995 Kobe.

6.4 Summary 

This chapter investigated the seismic vulnerability of the inner steel LNG tanks with 

varying height (H) to diameter (D) aspect ratios. Dynamic FSI was modelled using the 

added-mass method, and tank walls were modelled using general-purpose finite element 

software ABAQUS (version 2018), considering the material and geometric nonlinearities.

The horizontal acceleration was applied at the tank base using rigid boundary conditions, 

assuming a fixed base condition often observed when tank sits of strong bedrock. The 

modal analysis was conducted using the Block Lanczos algorithm. The results highlighted
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how the tank aspect ratio can change the deformed shape of the tank during an earthquake 

associated with the fundamental mode of tanks changing with the aspect ratio. For the tall 

tank, the fundamental mode shape was a bending mode of a cantilever beam. For the 

medium tank, the deformed shape captured a bulge formed near the mid-height of the 

wall. In addition, the nonlinear time-history analysis results predicted elastic secondary 

buckling for the medium tank at the upper portion of the tank wall. Moreover, the von 

Mises stresses exceeded the stress yield limit at the tank base level for the tall tank, and 

elephant’s foot buckling (i.e. elastic-plastic buckling) was observed. It should be noted 

that no damage was observed for the broad tank. The results also demonstrated the 

importance of selection of the tank aspect ratio to meet the design safety requirements 

(i.e. avoid buckling). The results highlighted that the selection of optimum aspect ratio, 

particularly in areas with moderate to high seismicity, can result in a safe and economic 

seismic design.  

In addition, the nonlinear behaviour of ground supported RC containment under 

seismic loads was examined for two wall support connection types; namely, hinged and 

fixed.  A three-dimensional finite element model including the  material nonlinearities 

was adopted. The CDP model was adopted to capture the possible tensile cracking and 

compressive crushing under seismic load. The results found that the walls experience 

higher seismic demand in the hinged tank compared to the fixed base tank, mainly in the 

mid-height region of the tank wall. Contrarywise, the fixed tank base was experienced 

higher shear forces and bending moments than the hinged tank base. Under the influences 

of rapid seismic shaking, both tanks were damaged, yet more seismic forces for the case 

of hinged tank could potentially create more damage. 
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CHAPTER 7 CONCLUSIONS AND 
RECOMMENDATIONS 

 
 

  

7.1 General 

Growing demand for large-capacity tanks to store LNG, offering transition source of 

energy to green future is evident. In the current research project, an advanced numerical 

model to simulate LNG tank system, including Soil-Foundation-Structure Interaction 

(SFSI) and Fluid-Structure Interaction (FSI) effects was developed for assessing the 

seismic resilience under different sub-soil conditions. A series of numerical simulations 

were conducted to investigate the effect of pile foundation arrangements and the presence 

of liquefiable soil deposit on the seismic resilience of LNG tanks including material and 

geometric nonlinearities. Modal analyses were performed to evaluate the effect of SFSI 

and FSI on the dynamic properties of LNG tanks under different sub-soil conditions. The 

nonlinear time-history analyses were conducted adopting the direct method of analysis to 

evaluate the inertial and kinematic interaction effects on the LNG tank and the supporting 

pile foundation system. The developed models were capable of capturing the inelastic 

behaviour of several components of the LNG tank including the buckling of the inner 

steel tank, plastic hinge formations in the pile foundation, and the hysteresis damping 

with stiffness degradation for the clay soils to achieve a realistic response of the LNG 

tank. More specific conclusions from each section of the thesis reported earlier are 

presented in the following sections. 
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7.2 Conclusions related to importance of pile foundation 

arrangement on seismic response of LNG tanks 

This part of research presented the results of seismic analysis of a 63,000 m3 full 

containment LNG tank built on different pile foundations considering SFSI and the FSI. 

In particular, the impacts of the type of pile foundation and the load transfer mechanism 

(i.e. end-bearing versus frictional pile-raft foundation types) and the pile length were 

investigated. The results show the SFSI significantly alerted the dynamic characteristics 

of the LNG tanks for all adopted foundation options and thus consideration of SFSI for 

LNG tank on pile foundation is essential. In addition, the results show that the deep 

foundation type could influence the dynamic characteristics and response of LNG tank-

foundation-soil system as the spectral acceleration as well as the system period changed 

slightly, with the tanks on the end-bearing pile foundation experiencing larger spectral 

accelerations in comparison to the other two frictional pile foundation options. The results 

of this study show that the end-bearing pile foundation (i.e. stiffer foundation system) 

directed more seismic energy to the LNG tank compared with the other two pile-raft 

foundation alternatives (i.e. Overdesigned). Indeed, an increase in the pile length for the 

pile-raft foundation resulted in more interaction between the soil and foundation and thus 

transferred more seismic forces to the piles and superstructure. This observation 

highlights the importance of considering the combined effects of the kinematic and 

inertial interactions influencing the forces on piles, which cannot be captured accurately 

in sub-structuring technique, where the superstructure (i.e. LNG tank) and pile foundation 

are modelled separately. 
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7.3 Conclusions related to capabilities of kinematic hardening model 

for capturing the seismic wave propagation in clay soil deposit 

This section of study aimed at assessing the suitability of nonlinear kinematic 

hardening (NKH) model available in common structural software packages such as 

ABAQUS for simulation of response of saturated clay deposit under seismic loading. 

Thus, results of the site response analysis for three different soil stiffnesses, namely, Site 

Classes C, Site Class D, and Site Class E, with shear wave velocity Vs =564 m/s, 270 m/s, 

and 160 m/s, respectively, were presented. The seismic site response analyses were 

conducted by adopting four benchmark earthquakes (two near field and two far field 

earthquakes), and in addition to the original bedrock records, three different hazard levels 

based on annual probabilities exceed levels (i.e. seismic demand levels) were used for 

scaling the records to cover a wider range of earthquake characteristics.  The numerical 

predictions adopting the nonlinear kinematic hardening (NKH) model programmed in 

ABAQUS were compared with well-established stiffness degradation with hysteresis 

damping (SDHD) soil model available in FALC 3D for validation purposes. A three-

dimensional numerical model was developed in both ABAQUS and FLAC3D software 

packages, where the infinite element and viscous boundaries were implemented, 

respectively, to model the far-field soil and absorb the seismic energy of the unbounded 

soils. The calibrations of the NKH soil model were explained in details and the parameters 

were selected based on the well-established data available in the literature for the different 

site classes. Then, the site response analysis was conducted adopting fully nonlinear 

analysis in the time domain, the results of both NKH and SDHD models show that 

reduction in the soil stiffness (i.e. shear wave velocity) resulted in higher shear strains in 

the soil and amplified hysteresis damping as a result of more seismic energy dissipation 

for all adopted earthquakes. Moreover, both numerical models showed horizontal 
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earthquake amplification as the seismic wave propagated from the bedrock to the ground 

surface, where more significant amplifications were evident for far field earthquakes. 

Moreover, it is observed that earthquake with lower dominant frequency (i.e. 1994 

Northridge) experienced acceleration amplification over longer duration of earthquake. 

Indeed, the results of the acceleration response spectrum from both NKH and SDHD soil 

models showed that the dynamic propertied of the soil deposit and the characteristics of 

the adopted earthquake records at the bedrock impact the ground surface vibration. In 

particular, results show that near field earthquakes propagating via stiff soil deposit 

resulted in earthquake acceleration amplification in low period range (T < 0.3 s), where 

the natural period of the stiff deposit aligned with dominant periods of the earthquakes 

and thus mobilising higher seismic energy. Moreover, reducing the soil stiffness resulted 

in shifting the peak acceleration response spectrum to intermediate and high period 

ranges. Furthermore, the numerical predictions from both NKH (ABAQUS) and SDHD 

(FLAC 3D) models highlighted the importance of hazard level on site amplification 

factors since earthquake scaling by matching relevant target response spectrum could 

alert the earthquake characteristics and seismic site response results.  Comparison of the 

shear stress – strain response, acceleration time history and earthquake response spectra 

from different earthquakes and soil deposits showed a good agreement between 

predictions of NKH soil model programmed in ABAQUS and benchmark exercise 

adopting SDHD soil model available in FLAC 3D. Thus, results of this study can give 

further confidence to practicing engineers to adopt nonlinear kinematic hardening (NKH) 

for soil modelling for seismic analysis and design. It is recommended in future research 

to further verify suitability of NKH model for complex vibration scenarios such as 

combined vertical and horizontal earthquake wave propagation. 
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7.4 Conclusions related to effect of liquefied soil deposit on seismic 

resilience of LNG tank 

This part of study presented the results of seismic analysis of a 160,000 m3 full 

containment LNG tank considering SFSI and FSI while assessing the impacts of the depth 

of soil liquefaction on performance of different components of the system. Four different 

soil deposit scenarios were investigated, namely, non-liquefied soil deposit (Scenario I), 

and liquefied soil deposit with their liquefied layer depth increasing from 5.0 m (Scenario 

II) to 10.0 m (Scenario III) and 15.0 m (Scenario IV). A three-dimensional numerical 

model of the entire tanks, piles and soil system was developed, and the free vibration and 

time history analyses were conducted adopting fully nonlinear analysis in the time 

domain. Indeed, direct method of analysis was adopted in which the LNG tank, 

foundation and soil were simulated and analysed in one step.   

The free vibration analyses were performed for the LNG tank using Block 

Lanczos algorithm, and the results showed that the presence of the liquefied soil 

significantly alerted the dynamic characteristics of the LNG tank, impacting the seismic 

performance of the tank system. The ground response analysis showed the liquefied soil 

layer reduced the spectral acceleration in short period range and amplified the spectral 

accelerations in the long period range, while increasing the liquefied soil depth lengthened 

the natural period of the LNG tank.  

The nonlinear time history results showed that the seismic forces developed in the 

inner and outer tank systems reduced as the depth of liquefaction increased. Indeed, 

increased soil damping and increased structural flexibility directed less seismic forces to 

LNG tank, and thus the case with non-liquifiable soil deposit resulted in the maximum 

forces and stresses in the superstructure. The observed potential failure of the inner steel 
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tank was the elastic - plastic buckling mode at the mid-height of the inner tank wall, as 

the von Mises stresses exceed the yield stress for Scenario I. Since, increasing the depth 

of the liquefied soil, reduced the seismic response of the superstructure, no damage or 

failure was observed in the inner steel tank for Scenarios II to IV, while localised von 

Mises stress were observed near the base of the tank. However, when the liquefied soil 

depth increase, the impulsive forces along the tank wall decreased, while amplification 

of convective forces particularly for Scenarios III and IV were observed, since the 

dominant frequency of the seismic wave was reduced which in turn induced increased 

convective forces. 

On the other hand, soil liquefaction and its depth impacted the seismic response 

of the pile foundation adversely, due to the observed amplified shear forces, bending 

moments and deflections in the piles. Moreover, presence of liquefied soil layer 

exacerbated the inability of the piles to match the deformation of the surrounding soil, 

and thus resulted in more kinematic interaction induced loads (i.e. shear forces and 

bending moments).  Indeed, with the increase in the thickness of the liquefied layer, 

although the loads due to inertial interaction decreased, the loads developed in the piles 

due to kinematic interaction increased and extended deeper, and eventually additional 

localised plastic deformations in the piles were observed at depths well below the pile 

head.   
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7.5 Conclusions related to Effect of height to diameter aspect ratios 

on seismic response of LNG tank. 

In this part of thesis, the seismic performance of a broad, medium and tall 9% Ni 

steel LNG tanks with different aspect ratios (H/D) under two strong near-field earthquake 

ground motions (1994 Northridge and 1995 Kobe earthquakes) were investigated. The 

modal analysis showed that the deformed shape associated with fundamental mode of tall 

tank (H/D =0.95) is comparable with a bending mode of a cantilever beam, while for 

medium Tank (H/D = 0.63) the deformed shape captured a bulge formed near the mid-

height of the wall. The nonlinear time-history analysis results predicted elastic secondary 

buckling for the medium tank at the upper portion of the tank wall. The von Mises stresses 

exceeded the stress yield limit at the tank base level for the tall tank and elephant’s foot 

buckling (i.e. elastic-plastic buckling) was observed. No damage observed for the broad 

tank (H/D =0.40). For the investigated cases, increasing the tank aspect ratio (H/D) from 

0.63 to 0.95 (i.e. medium to tall tank) can offer around 20% more storage capacity; 

however, it increases the base shear forces by 60% and the overturning moments by 50% 

meaning thicker tank walls are required to meet the design safety requirements (i.e. avoid 

buckling). The selection of optimum tank ratio particularly in areas with moderate to high 

seismicity is critical for a safe and economic seismic design. 

7.6 Conclusions related to effects of wall support condition on seismic 

response of reinforced concrete containment tank. 

In this part of thesis, the effects of the type of wall to base slab connection (i.e. 

hinged or fixed) on the nonlinear seismic response of a reinforced concrete LNG tank was 

investigated. To capture the inelastic behaviour of the tank, the concrete damage plasticity 

(CDP) model was adopted, which could capture the permanent damage to the concrete 
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tank during the seismic excitation. Modal and time history analyses were conducted. The 

results showed that the hinged base tank experienced slightly higher base shear forces, 

and higher radial/lateral displacements, which results in significant tensile damage, 

cracking and stiffness degradation for the hinged tank under 1994 Northridge and 1995 

Kobe earthquakes. While, the fixed base tank experienced higher bending moment at the 

tank base compared with the hinged base tank, nevertheless, no damage was observed at 

the wall - base connection. It can be concluded that adding structural flexibility at the tank 

base can potentially lead to higher seismic forces on the tank wall and more damage 

particularly for the large containment tanks subjected to large earthquakes, which means 

for hinged base tank the roof needs to strengthen by increasing the reinforcement to 

prevent any damage. Since, the natural period of the considered tanks is located in the 

response spectrum short-period of the applied earthquakes, enlargement the period as a 

result of hinging the wall to base connection would result in more base shear force being 

transferred to the LNG concrete tank. Indeed, for building structures with high natural 

frequency (or low natural period), providing more flexibility leads to reduction in the 

seismic demand. 

7.7 Recommendations for future research 

The current study was focused on developing the advanced numerical model for 

LNG tanks, including SFSI and FSI effects, for assessing the seismic resilience of LNG 

tanks under different sub-soil conditions. Rigorous numerical simulations were conducted 

to investigate the effect of pile foundation arrangements and the liquefiable soil deposit 

on the seismic response of LNG tanks. While this study covered various issues concerning 

seismic resilience of LNG tanks, further numerical and experimental studies are 

recommended for future studies and can be done in the following parts: 
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• Enhancing the developed numerical model by incorporating more advanced FSI 

modelling techniques to capture the effect of LNG sloshing on the fixed RC roof 

and upper section of the inner steel tank walls is recommended. More rigorous 

method to capture FSI technique can result in a more accurate and realistic 

illustration of the convective hydrodynamic components by capturing the sloshing 

waves at the liquid surface. Combination of CFD and FEM is recommended for 

further studies.  

• Assessing the effects of level of LNG in the tank and how it can impact the seismic 

forces applied to different components of the system 

• Investigating the effects of different earthquake components including both 

vertical and horizontal components on the global seismic performance of LNG 

tanks is recommended. Indeed, consideration of the vertical component of the 

earthquake can impact the FSI and SFSI. 

• Developing step by step design guidelines for practicing engineers to analysis and 

design LNG tank systems on deep foundations capturing inertial and kinematic 

interaction effects.  

• Conducting shaking table tests to validate the effectiveness of the proposed 

numerical model experimentally considering FSI and SFSI.  
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